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1 INTRODUCTION 
It is important to create a ground model precisely based on vertical array earthquake records for 
grasping ground properties. Generally, dynamic characteristics of the surface ground are stu-
died with a focus on transfer characteristics in a depth direction under an assumption that plane 
waves propagate in a vertical direction. For an index that shows transfer characteristics, the fre-
quency response function (FRF), which expresses a ratio of behaviors between observation 
points in a frequency domain, is referred and a linear ground model is examined so that FRF es-
timated by micro-earthquake motion records (observed FRF) and the FRF based on the one-
dimensional multiple reflection theory (theoretical FRF) correspond each other (Sawada, T., et 
al., 1992). In the case of examining the non-linearity of ground properties, it is premised that a 
linear ground model is created with a good precision. Components except wave motions that 
propagates in a vertical direction is contained in the earthquake record and therefore it is re-
quired to extract precisely the wave motion components (signal components) that have proper-
ties coherent between observation points at the time of an estimation of observed FRF.  

As methods to estimate FRF from observation records of multiple times, the non-parametric 
transfer function estimation methods (H1 estimation, H2 estimation, Hv estimation) (Bendat, J.S. 
& Piersol, A.G., 2000) of the single-input single-output (SISO) system, which captures relation 
between two observation points as input-output relations, is already known. In the SISO trans-
fer function estimation method, correlativity between signals, and non-correlativity between 
signals and noises or between noises are treated structurally. Therefore the dynamic characteris-
tics more sensitively receive an effect of the data processing method comparing with a Fourier 
spectrum ratio that treats observed values directly. It is assumed that noises are contained in 
output in H1, input in H2 and both input and output in Hv. In a vertical array observation, the Hv 
estimation is often employed under the assumption that behavior in the deepest point is input, 
that in other point is outputs and noises are contained in both input and output. The SISO me-
thod has been studies. For example, Izumi et al. suggested that an estimation method must be 
selected depending on observation circumstances since the transfer function estimation method 
influenced the identification effects of damping, based on micro-tremor records at a building 
(Izumi, M., et al., 1990). It has been reported that in the case that constant noises are contained 
in input and output, amplitudes obtained by the Hv estimation is underestimated and it leads to 
overestimate of damping of the object system. It has been reported that signal components can 
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be extracted by improving the coherence function between two observation points of the under-
ground and ground surface (Yamazaki, F., et al., 1991). Furthermore, an effect to identification 
value of ground properties by a windowing applied to observed FRF is examined (Tsujihara, 
O., et al., 1999).  

On the other hand, the recent development of observation devices allows vertical array ob-
servation of multiple points set in the underground. For such observations of more than three 
points, highly precise FRF estimated results can be expected by collective processing of multi-
point measurements. As a process method of multipoint simultaneous observation records, the 
authors have already proposed a new FRF estimation method for single-input multiple-output 
(SIMO) (hereinafter called "Hp estimation") (Nakamura, M., et al., 2005). The Hp estimation is 
a method to estimate non-parametrically relative behaviors between observation points and 
even if an input is unknown, it is possible to grasp relatively dynamic characteristic of an object 
system between observation points.  

In earthquake observation, it is difficult to specify inputs to an object system. Therefore, in 
this paper, we aim at discussing on applicability of the Hp estimation, presuming that the multi-
point vertical array observation system consists of a multiple-output system for single unknown 
input. Concretely, we estimate FRFs and quantity of noises with the values for which noises in 
normal distribution are added to response signals calculated with a numerical model as observa-
tion values and discuss on the result comparing with those obtained by the existing SISO me-
thods. 
 
 
2 FRF ESTIMATION METHOD 
2.1 FRF of SIMO system 
In the SIMO system shown in Figure 1, assuming gl (ω) as a transfer function of an output sig-
nal yl (ω) (l = 1~L) for an input signal x(ω), the following equation is obtained. 

( ) ( ) ( )ωωω xgy ll ⋅=  (1) 

Obtaining a ratio between outputs assuming a reference point voluntarily determined as obser-
vation point 1, the following relation is obtained. 

( ) ( ) ( ) ( ) ( )ωωωωω lll hggyy == 11  (2) 

A ratio between output signals in the SIMO system is equal with a ratio of the transfer function 
and does not depend on an input. Equation (2) is not an input-output relation to the system but 
indicates relative behaviors between outputs. In this paper, a behavior ratio between observa-
tion points in a frequency domain is defined with the quantity expressed by Equation (2) as 
FRF of the object point for reference point 1. Since all the variables in this paper are assumed 
as a function of a frequency domain, (ω) is omitted below. Moreover, it is assumed that signals 
and noises contained and noises in different observation points are uncorrelated.  
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 1 Single-input multiple-output system 
 

x (ω)：Input signal 
yl (ω)：Output signal 



2.2 Proposed method (Hp estimation) 
In the Hp estimation, application to multipoint response observation is assumed as a base, with a 
focus on the total noise (quantity of all noises) in all observation points. Based on the two as-
sumptions that the behaviors of all observation points are responses by one unknown input and 
the noise contained each observed value is considered independent, the feature of the Hp esti-
mation is that an eigenvalue problem that corresponds FRF to eigenvectors is constituted with 
the quantity of all noises as an eigenvalue, and the quantity of all noises and FRF are obtained. 
In the system shown in Figure 2, the observation is carried out N times and an observed value in 
an observation point l is expressed as follows. 
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Here, parenthetical numbers in upper right in Equation (3) indicate times of observation. In the 
Hp estimation, the following eigenvalue problem is solved 

( ) ( ) 0hRΣgRΣ =−=− 00 λλ  (4) 

FRF of the object point for the reference point is estimated by normalizing the eigenvector g 
corresponding to the minimum eigenvalue with an element corresponding to the reference 
point. Here, )(,, 0 LLC ×∈SRΣ , )1(, ×∈ LChg  and * in upper right indicate conjugate trans-
pose as below. 

( ) ( )SISΣ conjgtrace −⋅=  (5) 

[ ]ijS=S  ( )LjLi ~1,~1 ==  (6) 

jiijS ww ∗=  ( )LjLi ~1,~1 ==  (7) 

{ }T
Ll ggg 1=g  (8) 

Assuming the observation point l = 1 as a reference point, FRF is expressed as follows. 

{ }T
Ll hhh 21=h  (9) 

The opposite angle term in Equation (6) consists of power spectra and the non-opposite angle 
term consists of cross spectra. The opposite angle term of S is expressed as the sum of observa-
tion power spectra except the concerned point l from all observation points. R0 is a parameter to 
relativize noises gathered in the opposite angle term of S. Here, the sum of noise power spectra 
contained in all observation points is expressed in the form of a ratio against the sum of ob-
served power spectra in all observation points and is expressed in the following equation. 

( )LLlldiag ΣΣΣR 110 =  (10) 

 
 
 
 
 
 
 
 
 
 
 
 

Figure 2 Unknown-input multiple-output system 

yl：Output signal 
vl：Noise 
wl：Observed value 



2.3 Interpreting of noise in Hp estimation 
The minimum eigenvalue obtained by solving Equation (4) indicates a ratio of noises contained 
in all observed points to observed values and is hereinafter called "noise ratio of the system". 
Since the noise property is expressed by Equation (9), the sum of noise power spectra sum con-
tained in the sum of observed power spectra is approximated with the following equation with a 
noise ratio of the system. 
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2.4 Relational between Hp estimation and the SISO methods 
In the system shown in Figure 2, when applying the Hp estimation as a single-unknown-input 2-
output system (L = 2), the eigenvalue problem of Equation (4) is expressed as the following eq-
uation. 
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Equation (12) indicates that in the reference and object points, the noise power spectrum in 
proportion to each observed power spectra is set to the same noise ratio λ. Solving Equation 
(12), FRF is expressed by the following equation. 
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Equation (13) corresponds with the Hv estimation equation for the SISO system in Figure 3. 
Here, the Hv estimation is expressed as a geometric mean of the H1 and H2 estimations. The 
amplitude is given as a square root of a power spectrum ratio of an input to output. These esti-
mated amplitudes satisfy the following relation 21 HHH v ≤≤ . 
On the other hand, the minimum eigenvalue is a noise ratio and is given as the following equa-
tion. 

2211

21121
SS
SS
⋅
⋅

−=λ  (14) 

Hanada summarized the system in Figure 3 in an eigenvalue problem directly and reached the 
conclusion same as that in this chapter theoretically (Hanada, K., 1988). Further, the following 
relation is satisfied for the noise ratio and coherence function of the system in Figure 3. 

( ) 221 coh=− λ  (15) 

 
 
 
 
 
 

Figure 3 The Single-input single-output system with noise both in input and output 

3 NUMERICAL MODEL AND ITS RESPONSES 
It is assumed here that in the horizontally layered ground shown in Figure 4, observed values 
are obtained in the six observation points including the ground surface (● mark). Noises shown 
in Table 2 are contained in a time domain with response acceleration signals of each observa-
tion point linearly analyzed based on the one-dimensional multiple reflection theory and they 
are used as observed values. As an example, response signals in observation points 1 and 5, 
time history of the mixed noises and their power spectra are shown in Figures 5, 6 and 7. The 



S/N ratio (response signal RMS value / noise RMS value) of each observation point are shown 
in Figure 8. As a noise property, constant and proportional noises assumed as below were used 
as study objects. The constant noise was expressed by multiplying random numbers having a 
mean value of zero and normal distribution with the standard deviation σ by RMS values of re-
sponse signals in observation point 6. The noise amplitudes are approximately same regardless 
of observation points (Figure 6 (1)), and their frequency dependence is low and are close to 
white noises (Figure7). Since a response signal amplifies more as the observation point be-
comes close to the earth surface, the S/N ratios rise (Figure 8). To change sloppy loudness, 
three ways of s value (0.1, 0.3, 0.5) was examined. 

The proportion noises were expressed by multiplying random numbers having a mean value 
of zero and normal distribution of the standard deviation σ by Fourier amplitude values of each 
response signal and Fourier inverse transforming the obtained values. The noises accept various 
amplitudes of response signals (Figure 6 (2)), are the colored noises that depend on frequency 
(Figure 7) and the S/N ratios of each observation point are approximately same (Figure 8). The 
observation point mean values of the constant noise with σ = 0.5, and the proportional noise 
with σ = 0.4 almost correspond to each other (Figure 8) and therefore it is judged that noises at 
the approximately same level are contained for the observation system. Changing the values of 
those random numbers, ten times of observed values with different noises were created. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 4 Ground model 
 
 

 
 
 
 
 
 
 
 
 
 

(a) Observation point 1              (b) Observation point 5 
Figure 5 Response singnal 

 

Table 2 Noise property 

 Noise property Standard 
deviation σ 

Constant 
noise 

RMS value constant at all observations point 
(noise ratios of each observation point are different) 0.1, 0.3, 0.5 

Proportional 
noise 

Proportional to Fourier amplitude value of each response signal 
(noise ratios of each observation point are similar) 0.4 
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(a) Observation point 1              (b) Observation point 5 
(1) Constant noise (σ = 0.5) 

 
 
 
 
 
 

(a) Observation point 1              (b) Observation point 5 
(2) Proportional noise (σ = 0.4) 

Figure 6 Example of noise (time history) 
 
 
 
 
 
 
 
 
 
 
 
 

(a) Observation point 1              (b) Observation point 5 
Figure 7 Example of noise (power spectra) 

 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 8 Set S/N ratio 

4 ESTIMATION RESULT OF FRF BY EACH METHOD 
For estimation results of FRF by each method, examples are shown with observation point 1 as 
a reference point and observation point 5 as an object point. A result when constant noise (σ = 
0.5) and proportion noise (σ = 0.4) were used is shown in Figure 9. Moreover, for the noise ra-
tio obtained at the same time as FRF, a noise ratio of the system obtained by Hp estimation is 
shown in Figure 10, and the noise ratio between two points of the reference point to object 
point obtained by the Hv estimation is shown in Figure 11. For the FRF phase, no significant 
differences are confirmed in each method. For the FRF amplitude, good estimate values close 
to set values were obtained in all methods when proportional noises were contained. In the case 
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of a constant noise, features of each method are confirmed. Therefore, each method is evaluated 
for the five items of three frequency bands (0-2Hz, 2-8Hz, 8-10Hz), 1st resonant amplitude and 
noise evaluation. 

4.1 0-2Hz 
The target signal is acceleration and the amplitude of the low frequency band is small. In this 
frequency band, the signal amplitude of the object point is equal to or slightly greater than that 
of the reference point (Figure 9 set value). Moreover, the noise ratio of the system is remarka-
bly higher than those of other frequency bands (Figure 10 (1) set value) and the influence of the 
noise is strong. Therefore, as shown in Figure 9 (1), the amplitudes are underestimated by the 
H1 estimation and overestimated by the H2 estimation. The value obtained by the Hv estimation, 
which adopts a geometric mean of both estimates, is close to the set value as a result. Although 
there are many spikes in the Hp estimation, the spikes seem to occur around the set value and its 
mean precision is high. 

4.2 2-8Hz 
In this frequency band, the object point has signals that are greater than those of the reference 
point (Figure 9 set value). The noise ratio is smaller than thoses of other frequency bands (Fig-
ure 10 (1) set value) and the influence of the noise is weak. Therefore, as shown in Figure 9(1), 
FRF shapes are estimated almost well in all methods. However, as described later, in the vicini-
ty of the 1st resonant frequency, some of the methods are affected by noise levels. 

4.3 8-10Hz 
This is a frequency band that includes an anti-resonant frequency for which signal amplitudes 
of the object point is extremely smaller than those of the reference point. Depending on how the 
reference point voluntarily chosen is adopted, the anti-resonant frequency of the object point is 
equivalent to the peaks of other points and therefore verification of estimate precision in an an-
ti-resonant frequency is important, too. The noise ratio of the reference point is different from 
that of the object point. It is great at the object point (Figure 11(1) -(a), (b)) and the influence of 
the noises is strong. Therefore, as shown in Figure 9, precision of H1 estimation to evaluate 
noises of the object point is high. On the other hand, precision of H2 estimation, which does not 
consider noises of the object point is low and the Hv estimation adopts these means. Although 
spikes occurs in the Hp estimation, mean precision is high. 

4.4 Resonant amplitude 
In the resonant frequency, signal amplitudes of the object point is extremely greater than those 
of the reference point. FRF amplitude estimate values of the vicinity of the 1st resonant fre-
quency (1.8-2Hz) are shown in Figure 12, with the noise levels as a parameter. While the H2 
and Hp estimations are appropriate since influences of noises are low, the H1 and Hv estimations 
are strongly affected by noise levels. The signal component of the object point is great at the 
peak, the noise ratio of the reference point governs the FRF shapes. Therefore, precision of H2 
estimation for which the noise of the reference point is considered is high. Estimate precision of 
the Hp estimation is also high in the same way. Since noises contained in the reference point are 
not assumed for the H1 estimation, estimate precision is extremely low and the peak value 
greatly varies depending on noise quantity. The Hv estimation shows the tendency similar to 
that of the H1 estimation.  

The amplitude distribution is an estimate value equivalent to a mode vector. Figure 13 shows 
depth of the observation points corresponded to FRF amplitude values in the 1st resonant fre-
quency. The figure shows that description about peak estimate values for observation point 5 
are satisfied equally for all observations points. 



4.5 Noise evaluation 
Here, we discuss on precision of each method comparing the noise ratios obtained by the Hv 
and Hp estimations with values set beforehand. For the set values of the noise ratios of the sys-
tem shown in Figure 10, the Hp estimation performs estimation with sufficient precision. In the 
Hp estimation, since the noises of a real part and an imaginary part left in item non-opposite an-
gle term of Σ in Equation (4) are expressed, plural spikes occur in FRF due to over-fitting. In 
noise ratios added to reference point 1 and object point 5 shown in Figure 11, the noise ratios 
by the Hv estimation are evaluated by averaging noise ratios of both observation points. In the 
SISO system estimations, FRF estimate values depend on noise ratios of two observations 
points. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

(a) H1 estimation  (b) H2 estimation  (c) Hv estimation  (d) Hp estimation 
(1) Constant noise σ = 0.5 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

(a) H1 estimation  (b) H2 estimation  (c) Hv estimation  (d) Hp estimation 
(2) Proportional noise σ = 0.4 

Figure 9 FRF of observation points 5 and 1 
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(1) Constant noise σ = 0.5               (2) Proportional noise σ = 0.4 
Figure 10 Noise ratio of system 

 
 
 
 
 
 
 
 
 
 

(a) Set value (observation point 1)  (b) Set value (observation point 5)  (c) Hv estimation result 
(1) Constant noise σ = 0.5 

 
 
 
 
 
 
 
 
 

(a) Set value (observation point 1)  (b) Set value (observation point 5)  (c) Hv estimation result 
(2) Proportional noise σ = 0.4 

Figure 11 Noise ratio of observation points 1 and 5 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

(a) H1 estimation      (b) H2 estimation      (c) Hv estimation      (d) Hp estimation 
Figure 12 FRF of observation points 5 and 1 in the vicinity of the 1st resonant frequency (1.8-2Hz) 
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(a) H1 estimation     (b) H2 estimation      (c) Hv estimation       (d) Hp estimation 
Figure 13 Depth distribution of amplification at the 1st resonant frequency (2.2Hz) 

5 CONCLUSION 
The authors have assumed the process of vertical array earthquake records, evaluated FRF 

estimate values by the proposed method by adding noises normally distributed to response sig-
nals calculated by a numerical model and summarized features of the existing methods. The 
knowledge obtained in this study is below. 

(1) All methods that were examined perform FRF estimation with high precision for noises in 
proportion to observed values. 

(2) Although noises in proportion to the sum of observed value power of all points are as-
sumed for the proposed method (Hp estimation), in the case that constant noises that are 
not assumed by the Hp estimation are contained in observed values, appropriate FRF and 
all noises were estimated. This result revealed that influences of noise distributions on 
FRF estimate values are small in the Hp estimation and all the estimated noise are useful as 
an index to discuss on FRF estimate precision. 

(3) Estimate precision of the existing SISO system methods (H1, H2, Hv estimations) is go-
verned by amplitudes of the mixture levels (noise ratio) of noises included in observed 
values and the magnitude relation of the noise ratios of two observation points referred. 
When the noise ratios of both two observation points are great, FRF amplitudes are unde-
restimated by H1 estimation and overestimated by H2 estimation. When the noise ratio of 
the object point is greater, a good result is obtained by H1 estimation and when the noise 
ratio of the reference point is greater, a good result is obtained by H2 estimation. The Hv 
estimation gives an average FRF of both. When the noise ratios of the reference point and 
the object point are same, a good result is obtained. In the case that the noise that does not 
depend on frequency such as white noise is contained in all observation points with the 
same amplitude level, the magnitude relation of the noise ratios of the two observation 
points to be referred vary for each frequency. In such a case, it is difficult to estimate well 
FRF of all bands by the existing SISO methods. The Hp estimation have advantages of both 
existing SISO methods and can perform FRF estimation reasonably.  
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1 INSTRUCTION 
 
According to BMKG (Agency for Meteorol-
ogy, Climatology and Geophysics of Indo-
nesia), the epicenter was located about 80km 
west of Padang and at a depth 71km. The 
magnitude on the Richter scale was 7.6. The 
earthquake was supposed to be inner-plate 
type. No significant tsunami was generated. 

 
The significant damage area extended 

over Padang city (Population about 
840,000), Pariaman city (70,000), Padang 
Pariaman prefecture (380,000) and Agam 
prefecture (420,000). The damage features 
differed site-dependently. Pandang, which is 
the capital of West Sumatra State, suffered 
significant damage to its many modern 
large-scale buildings. In the hilly area of Pa-
riaman, the remarkable feature was severe 
damage to low-rise non-engineered residen-
tial houses. 

 
In this paper, the authors discuss damage analysis of large scale reinforced concrete build-

ings. These buildings have important roles in supporting the backbone function of the capital 
city and the damage they suffered might indicate common deficiencies of the same kinds of 
buildings in many other cities. 

Strong Ground Motion and Damage to Large Scale Buildings 
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ABSTRACT: On September 30, 2009, an earthquake of Mw 7.6 struck the west coast of Suma-
tra of Indonesia, affecting Padang and Pariaman, causing significant damage to about 150,000 
houses and buildings as well as ruining more than 1,000 lives. One of the remarkable features of 
this disaster was damage to large-scale reinforced concrete buildings in Padang, the capital city 
of West Sumatra. In order to know the anti-seismic deficiencies of these buildings in this area, 
the authors surveyed and analyzed in detail some of the damaged buildings and the shaking in-
tensity of the ground during the earthquake 
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Figure 1. Area Map, Epicenter 
Attached to OCHA Indonesia Earthquake, 
Situation Report No.16 (20 Oct. 2009) 



2 GROUND SHAKING IN PADANGGETTING STARTED 
 
Since the shaking during this earthquake was not recorded instrumentally in the downtown area 
of Padang, the authors estimated its intensity and predominant frequency through several ap-
proaches, namely, a questionnaire survey on the intensity of the shaking, a micro-tremor obser-
vation, a wave synthesis using a recorded wave on a rock site near Padang, and a monitoring 
video recorded at a building in Padang. 

2.1 Questionnaire survey 
The questionnaire survey, applied to resi-
dents in the area, comprised 34 questions, 
and was developed to estimate the JMA In-
tensity by Ota et al (1979). This method has 
been widely applied to many areas of many 
earthquakes since the 1970s and has been 
useful for estimating seismic intensities in 
area where no seismometer was located. 
The original questionnaire sheet had, of 
course, been written in Japanese, but Honda 
et al (2005) had translated it to Bahasa In-
donesia and used it for the residents of 
Banda Aceh in 2005. We modified it a little 
to make it more relevant to the life style of 
Padang.  
 

About 720 residents in the downtown 
area of Padang were interviewed by ten lo-
cal students and the answers were analyzed 
following the method improved by Ota et al 
(1998) to fit high-intensity areas. The ex-
tracted JMA intensity as the average of all 
the answers was "5 upper" and the devia-
tion from the average is shown in Figure 2. 
The students explained each item of the 
questionnaire to residents, discussed the an-
swers with them, and marked one of the an-
swers listed on the sheet. Thus, the intensi-
ties were slanted according to the students 
who conducted the interviews. However, 
the areal deviation is still helpful in inter-
preting the damage distribution in Padang. 

2.2 Micro-tremor observation 
We observed micro-tremors at typical sites in the downtown area of Padang as one way to esti-
mate the seismic response feature of the ground, and analyzed the observed data by the H/V 
spectrum method (Nakamura method). Figure 3 shows the spectra. The rather long-period com-
ponents of around one to two seconds are clearly predominant, and they seem to lengthen from 
south to north. There is a hilly area on the left bank of the river mouth of Mata Air Timur 
(Jiraku river), so the surface soil layer is assumed to be shallow in the southern area and to be-
come thick in the north. This assumption is supported by the variation of the predominant pe-
riod of micro-tremors from south to north. 
 
 
 

Figure 2. JMA Intensity difference from average
(Red box denotes typical building.) 



 
 

2.3 Wave synthesizing 
There was no instrumentally observed record of the shaking in the downtown area of Padang 
during the earthquake. However, BMKG recorded the shaking by a strong-motion seismograph 
placed on a rocky site in Andalas University, which is about 11km east of the downtown area of 
Padang. Additionally, an array observation using three seismographs located at the Andalas 
University site, a stiff soil site and a soft soil site of the downtown area was being operated by 
EWBJ (Engineers Without Borders, Japan) and Andalas University. Although it did not record 
the September 30 earthquake, it did record several other rather small earthquakes. We used 
these earthquake records to synthesize a provisional shaking in the downtown area during the 
2009 September 30, 2009 earthquake. 
 

Figure 4 shows a conceptual diagram of the synthesizing process. 
1) Extract a Fourier transfer function averaging 4 earthquake records which were recorded from 
April to December 2009, which were 0.25-1.25 kine at maximum (Figure 5). 
2) Compose an assumed soil column model fitting the transfer function. The depth and Vs of the 
soil layer were assumed using the data presented by Kiyono and Kubo of Kyoto Univ. The other 
profiles were determined by a trial and error method (Figure 6). 
3) Calculate a non-linear (equivalent linear) response of the soil column model using the BMKG 
record as the incident wave. An improved SHAKE code with a frequency dependent damping 
was used. The synthesized wave and the response spectrum are shown in Figure 7.  
 

Due to the effect of the soft soil layer, the short-period component of the incident wave is cut 
off and the peak acceleration is decreased. However, the long-period component is amplified 
and the relative response velocity at 1.8 seconds reaches 150 kine. JMA instrumental seismic in-
tensity is 5.3 and MMI is about 8. 
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2.4 Period of shaking recorded by a monitoring video camera 
The Emergency Operation Center of West Sumatra State is located in the downtown area of 
Padang. A monitoring video camera was located on the ceiling of the operation room and  
 

Figure7. Incident wave, Synthesized wave and Response spectrum of the synthesized wave
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recorded the responses of chairs on casters and an 
unlocked door during the initial stage of the strong 
shaking. By tracking the movement of the chairs 
and the door in frames (Figure 8), we could draw 
time histories of the movements, as shown in Fig-
ure 9. The chairs and the door moved at one- to 
two-second period, which is consistent with the 
predominant period of the synthesized wave. 
 
 
 
 

3 STUDY ON THE DAMAGE TO LARGE SCALE BUILDING 
3.1 Detail field survey on a typically damaged building 
The BPKP (Financial and Development Supervisory Board) building was located at the center 
of the downtown area. It was severely damaged but remained almost upright. Construction of 
this building started in 2003. After the first construction stage, the first and the second floors 
were completed and ready for use. In 2006, all five floors were completed. In the September 
2007 Sumatra earthquake (offing Bengkulu) the terracotta roof collapsed. That roof was then 
replaced by a lightweight thin-steel roof (photo 2). During the on-site survey, we removed the 
cover materials near the top and bottom of all columns and evaluated the damage degree of each 
one using the seismic damage evaluation method developed by the Japan Building Disaster Pre-
vention Association (1991). Table 1 shows the damage degree frequencies for each floor. Pho-
tos 3-5 show typical damaged columns according to damage degree. The third-floor columns 
were severely damaged. This damage obviously resulted from the reduction of column cross-
section on this floor. 
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We measured all the major building components, namely, the columns, the floor heights, the 
beams, the plate thicknesses and the reinforcing bars. The main bars were from φ19×16 to 
φ17×12 and the hoop bars were φ10 spaced at 120mm to 150mm. The concrete strength of rep-
resentative portions was measured with a Schmidt Hammer, and the steel bar strength was 
measured with a Vickers Hardness Tester. The micro-tremor on the building was also measured. 
The Fourier spectra of the tremor are shown in Figure 11. The sway and the torsion vibration 
periods of the building are clearly observed. 

3.2 Response analysis 
Using these measured dimensions, a lumped mass frame model was developed. The weights of-
inner and perimeter walls of the building were included in the floor plate lumped mass. The 
stiffnesses of the columns and beams were assumed to be 100% of the original elastic-range 
value. The frame model was analyzed by a versatile software system for structural analyses 
(SAP2000). Figure 12 shows the analyzed modes and the natural periods. The periods in the 
horizontal X direction and in torsion coincided with those of the micro-tremor. However, the pe-
riod in the horizontal Y direction was different. The model did not take into account the remain-
ing stiffness of the brick walls and the decreasing stiffness of the damaged columns. These two 
factors must have compensated in the horizontal X direction and in torsion. The damage was 
considerably smaller in the horizontal Y direction than in the horizontal X direction, thus sug-
gesting that the wall stiffnesses in the Y direction might not have decreased much. 
 

The moment capacity diagrams of the columns were also calculated at all floors and the typi-
cal results are shown in Figure 13. To compare these capacities with the actual stress levels in 
the columns, the equivalent static seismic loading method was applied based on SNI-03-1726-
2002 (recent seismic code used in Indonesia). The dead weight was assumed to include the 
weights of the structural members (columns, beams, and plates) and perimeter walls, and live 
load (20N/mm2 for office).  

 

 
 
 

 

0.1 1 10

0.95 

0.1 1 10

0.67

0.1 1 10

1.19

Sway X Sway Y Torsion 
Figure11. Fourier spectra of micro-tremor at 5th floor

Effect of 
torsion 

sec sec

Figure12. Frame model and analyzed natural vibration 
Sway Y, T2 = 1.00 s Sway X, T1 = 111 s Torsion Z, T3 = 0.91 s 



The equivalent static seismic coefficient was also assumed based on the SNI-03-1726-2002. 
Thus, the nominal static equivalent base shear force V is;  

 
(1) 

 
where C1 is obtained from Figure 14 using first natural period T1, and Wt is total building 
weight, including an appropriate live load.  
 

In the BPKP case, T1 is 1.11 seconds. Therefore, based on the figure and soft soil (Tanah Lu-
nak) condition, C1 is 0.9/T1 = 0.9/1.11 = 0.811. I is importance factor, taken as 1.0 for office 
buildings. R is seismic reduction factor. For a normal moment resisting frame, R is taken as 3.5. 
Therefore, V becomes 0.232. The weight is quantified as Wt = 39,005 kN following the as-
sumption mentioned above. Thus the base shear force is V = 0.232 x 39,005= 9,036 kN. The 
base shear V must be distributed along the height of the structure, i.e.,  

 
(2) 

 
 

where Fi is the load acting on the mass center at floor-i, Wi is weight of floor-i, Zi is height of 
floor-i, and n is the total number of stories. Based on three-dimensional frame analyses, the ax-
ial force and the demand moment at a typical column of the 1st and 3rd floor are shown together 
with the moment capacity in Table 3.  
 

The demand moment exceeds the capacity, so the column could collapse if the actual seismic 
force reached the level of the design seismic load denoted by SNI-03-1726-2002. 
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Figure13. Axial force and Moment capacity interaction curves at typical columns 
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Figure 14. C1 curves by SNI-03-1726-2002

Floor 
Name 

Axial 
force 
(kN) 

Demand 
moment 
(kNm) 

Capacity 
moment  
(kNm) 

Floor-3 865 504 230 
Floor-1 1525 792 515 

 

Table 3. Demand moment vs. Capacity moment

Table 2. Seismic force distribution 
Floor 
Name 

Height 
(m) 

Weight 
(kN) 

Force per 
floor (kN)

Floor-4 20 4847 3012 
Floor-3 16 8540 2410 
Floor-2 12 8540 1807 
Floor-1 8 8540 1205 
Floor-G 4 8540 602 



Figure 15 compares the C1 curve to the syn-
thesized wave response spectrum. The C1 curve 
shifted to the capacity moment level of the third 
floor column is also shown. It is clear that the 
seismic force acting on the BPKP building dur-
ing the September 30, 2009 earthquake far ex-
ceeded its capacity and reached the level of the 
design seismic load denoted by SNI-03-1726-
2002. According to the design document of the 
BPKP building, it was designed based on the 
previous design code of the SNI-03-1726-2002. 
The design calculation was based on the seismic 
coefficient method and the design seismic coef-
ficient was 0.07. In spite of the very small de-
sign load, the advantage of a moment frame structure might have contributed to avoiding col-
lapse. If the reinforcing bar arrangement, especially the hoop bars, had been adequate, the col-
umns might not have been so severely damaged. Unfortunately, this was not so.  

4 CONCLUSIONS 

(1) From the questionnaire survey, the JMA intensity in the downtown area of Padang was es-
timated to be 5-upper on average. 

(2) The micro-tremor H/V spectra predominated at the rather long periods of 1.0-2.0 seconds in 
the downtown area of Padang. 

(3) The synthesized wave using the EWBJ array observation and the BMKG record was also 5-
upper level of the intensity and had a predominant period in 0.5-2.0 seconds. Its response 
spectrum nearly reached the design spectrum level denoted by SNI-03-1726-2002. 

(4) One of the damaged large scale buildings was designed by the seismic coefficient method 
using a design seismic coefficient 0.07. Although the demand moment at the columns ex-
ceeded the capacity moment and the columns were heavily damaged, they did not collapse. If 
the reinforcing, especially the hoop bars, had been arranged adequately, the columns might 
not have been so severely damaged. 
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A numerical approach is proposed for the construction of fragility curves and the vulnerabil-
ity assessment of shallow metro tunnels in alluvial deposits, when subjected to seismic loading. 
The transversal response of the tunnel is calculated under quasi static conditions applying the 
induced seismic ground deformations which are calculated through 1D equivalent linear analy-
sis for an increasing level of seismic intensity. The proposed approach allows the evaluation of 
new fragility curves considering the distinctive features of the tunnel geometries and strength 
characteristics, the input motion and the site specific soil properties as well as the associated un-
certainties. The comparison between the new fragility curves and the existing empirical ones 
highlights the important role of the local soil conditions, which is not adequately taken into ac-
count in the empirical curves. The effect of the soil conditions is also highlighted through an 
application to the metro line of Thessaloniki. 
 
 
1 INTRODUCTION 

Underground structures have been proven in most strong earthquakes less vulnerable than 
aboveground structures, however they may still be susceptible to seismic damage, especially the 
shallow ones in poor geological conditions (Hashash et al. 2001; Power et al. 1998). The dam-
age of a metro underground line may produce important indirect effects to human lives and to 
the operation of the global transportation system of an urban area. The Kobe’s metropolitan line 
failure is a typical example (Shinozuka 1995). Hence, it is of high importance for risk managers, 
city planners and authorities to know the expected degree of damage of each transportation 
component due to various earthquake scenarios. Fragility curves, which express the probability 
of a structure reaching a certain damage state for a given earthquake parameter, play an impor-
tant role in the overall seismic risk assessment of a transportation network. 

So far the vulnerability assessment of tunnels has been mainly based on expert judgment 
(ATC13 1985; NIBS 2004) or empirical fragility curves (ALA 2001), derived from actual dam-
age in past earthquakes all over the world (Dowding and Rozen 1978; Owen and Scholl 1981; 
Wang 1985; Sharma and Judd 1991). ALA (2001) produced empirical fragility curves for peak 
ground acceleration for bored and cut and cover tunnels with poor-to-average and good con-
struction, based on regression analysis of a worldwide damage database. Recently, fragility 
curve methodologies using numerical approaches have become widely adopted as they are more 
readily applied to different structure types and geographical regions where seismic damage re-
cords are insufficient. Although such approaches are commonly used in case of bridges (Mo-
schonas et al. 2009; Choi et al. 2004; Karim and Yamazaki 2001), buildings (Kappos et al. 
2006) and other elements, their use for the fragility analysis of tunnels is still limited. 
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ABSTRACT:  



The main objective of this paper is to develop, check and apply a comprehensive numerical 
approach for the construction of fragility curves for shallow metro tunnels in alluvial deposits, 
considering structural parameters, local soil conditions and the input ground motion characteris-
tics. The comparison between the new fragility curves and the existing empirical ones highlights 
the important role of the local soil conditions, which is not adequately taken into account in the 
empirical curves. 

The response of tunnels to seismic shaking may be described in terms of two principal types 
of deformations; the first including both axial and curvature deformations, occur along the lon-
gitudinal axis of the tunnel; the second one, perpendicular to the longitudinal axis of the tunnel 
cross section, is resulting in “ovaling” deformations of a circular tunnel cross section and “rack-
ing” deformations of a rectangular cross section (Wang 1993; Hashash et al. 2001). This paper 
considers the seismic response of tunnels along the transversal direction, and thus the ovalisa-
tion and racking of the lining are the only mechanisms taken into account for the circular and 
rectangular tunnel sections respectively. 

In particular, the transversal seismic response of the tunnel due to upward travelling SH or 
SV waves is evaluated under quasi-static conditions, applying the induced on the tunnel cross 
section and the surrounding soil free field seismic ground deformations, which are calculated 
independently through a 1D equivalent linear analysis (EQL). Different tunnel cross sections, 
input motions and soil profiles are employed. Defining the damage levels according to the ex-
ceedance of strength capacity of the most critical sections of the tunnel, the fragility curves 
could be constructed, as a function of the level and the type of the seismic excitation, consider-
ing the related uncertainties. The proposed fragility curves are finally used for vulnerability as-
sessment and the estimation of seismic risk in case of Thessaloniki Metro line. 

 
2 PROCEDURE FOR DERIVING FRAGILITY CURVES  

2.1 Overview 
 
The proposed approach is based on the quasi static analysis of tunnels in the transversal di-

rection, considering the soil-structure interaction through 2D coupled numerical analyses. The 
general flowchart of the procedure is illustrated in Figure 1 (Argyroudis 2010). In general, the 
transversal seismic analysis of underground structures based on imposed seismic ground dis-
placements is quite common in practice (e.g. Hashash et al 2001; Pitilakis and Tsinidis 2010). 
Being essentially a static analysis, this approach is cost effective compared to more elaborate 
full dynamic time-history analysis. Especially for the needs of a comprehensive parametric fra-
gility study like the present one, where different soil profiles, input motions and tunnel geome-
tries are used, the aforementioned approach is adequate.  

The effect of soil conditions and ground motion characteristics in the global soil and tunnel 
response is taken into account by using different typical soil profiles and seismic input motions. 
The response of the free field soil profiles and the induced seismic ground deformations are cal-
culated through an 1D numerical analysis, for an increasing level of seismic intensity. The 
nonlinear soil behavior is considered through the variation of shear modulus and damping ratio 
with shear strain in the framework of a 1D EQL ground response analysis; the Mohr-Coulomb 
criterion is used to model the 2D soil-tunnel behavior. The results of the 1D free field soil re-
sponse analyses are also employed to define the appropriate stiffness parameters in the finite 
element analyses, varying along the tunnel sides and compatible to the strains developed during 
the ground shaking. On the other hand the closed form solutions usually assume elastic soil be-
havior compatible, at the best, to a single average value of soil deformation (i.e. at the tunnels 
mid-depth) estimated through empirical or semi-empirical expressions. 

The level of tunnel damage is described by a damage index expressing the exceedance of the 
lining strength capacity and the fragility curves are estimated based on the evolution of damage 
index with the increasing earthquake intensity, considering associated uncertainties.  The pro-
posed approach allows the evaluation of new fragility curves considering the distinctive features 
of the tunnel geometries and strength characteristics, the input motion characteristics and the 
soil properties. In contrast, the available empirical fragility curves do not consider adequately 
soil characteristics and they rather describe an average behavior of the tunnel in seismic action. 
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Figure 1. General flowchart of the procedure for deriving numerical fragility curves for tunnels in allu-
vial deposits 

 
2.2 Definition of damage states 
 
The damage states of already existing empirical fragility curves for tunnels are based on a quali-
tative damage description from past earthquakes. Although various damage indexes and related 
parameters have been proposed for the fragility analysis of buildings and bridges, no such in-
formation is available for tunnels. Considering this serious lack of references, in the present ap-
proach the damage index (DI) is defined as the ratio between the actual (M) and capacity (MRd) 
bending moment of the tunnel cross section. A definition based on moments is compatible with 
the use of displacements, according to the equal displacement approximation. In line with other 
approaches, it is assumed that the tunnel’s behavior is approximated to that of an elastic beam 
subjected to deformations imposed by the oscillating surrounding ground due to seismic waves 
propagating perpendicular to the tunnel axis (Hashash et al 2001). The actual bending moment 
(M) is calculated as the combination of static and seismic loads. The capacity of the tunnel is es-
timated based on material and geometry properties of the beam considering the induced static 
and seismic axial forces (N) and bending moments (M).  

According to previous experience of damages in tunnels and applying engineering judgment, 
four different damage states are considered due to ground shaking. They refer to minor, moder-
ate, extensive and complete damage of the tunnel lining and they are described in Table 1. Al-
though the proposed limits of damage index are not yet fully documented, they give a realistic 
description for the expected damage. 

 
Table 1. Definition of damages states for tunnel lining. 

 
 

 
 
 

 
 

 
 
 
 
 

Damage state (dsi) Range of damage index (DI) Central value of DI 
ds0. None  Μ/ΜRd ≤ 1.0 - 
ds1. Minor/slight 1.0< Μ/ΜRd ≤ 1.5 1.25 
ds2. Moderate 1.5< Μ/ΜRd ≤ 2.5 2.00 
ds3. Extensive 2.5< Μ/ΜRd ≤ 3.5 3.00 
ds4. Collapse Μ/ΜRd > 3.5 - 



2.3 Estimation of fragility curve parameters 
 
In line with similar procedures (Shinozuka et al. 2000; NIBS 2004; Moschonas et al 2009) the 
proposed fragility curves are described by the lognormal probability distribution function 
(Eq.1): 
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                                       (Eq. 1) 

where Pf (•) is the probability of being at or exceeding a particular damage state, ds, (Table 1), 
for a given seismic intensity level defined by the earthquake parameter, S (given here as Peak 
Ground Acceleration-PGA), Φ is the standard cumulative probability function, Smi is the median 
threshold value of the earthquake parameter S required to cause the ith damage state, and βtot is 
the total lognormal standard deviation. The development of fragility curves according to Eq.1 
requires the definition of two parameters, Smi and βtot.  

Using the results of the coupled numerical analysis, the damage versus the selected earth-
quake intensity parameter (PGA in this case) diagram can be plotted, which represents the evo-
lution of damage index with increasing earthquake intensity. The median threshold value of the 
earthquake parameter, Smi, can be obtained for each damage state based on the aforementioned 
diagram and the damage index definitions given in Table 1. A lognormal standard deviation 
(βtot) that describes the total variability associated with each fragility curve has to be estimated. 
Three primary sources of uncertainty are considered (NIBS 2004), namely the definition of 
damage states (βds), the response and resistance (capacity) of the tunnel (βC) and the earthquake 
input motion (demand) (βD). The total variability is modeled by the combination of the three 
contributors, assuming that they are statistically independent and lognormally distributed ran-
dom variables (Eq.2):   

222
tot DCDS ββββ ++=                                                (Eq. 2) 

Due to the lack of a more rigorous estimation, for the parameter βds we assigned a value equal 
to 0.4 following the approach of HAZUS (NIBS 2004) for buildings; βC is assigned equal to 0.3 
according to analyses for bored tunnels of BART system (Salmon et al. 2003). The last source 
of uncertainty, associated with seismic demand, is described by the average standard deviation 
of the damage indices that have been calculated for the different input motions at each level of 
PGA. 
 
3 APPLICATION FOR TYPICAL SHALLOW TUNNELS AND SOIL PROFILES 

3.1 Tunnel sections 
 

Two typical shallow tunnel sections are considered, a circular (bored) tunnel with a 10m diame-
ter and a rectangular (cut and cover) one-barrel frame with dimensions 16x10m. The lining of 
the circular tunnel is composed of 0.50m thick precast concrete segments, while that of the rec-
tangular tunnel is composed by 0.9m thick side concrete walls, 1.2m thick roof slab and 1.4m 
thick base slab. The upper points of the circular and rectangular section are in a depth of 10m 
and 3.5m respectively. The concrete material is characterized by the following linear elastic pa-
rameters: Young’s modulus E=30.5GPa, Poisson ratio ν = 0.2. 

 
3.2 Input motions 

 
Records from different earthquakes, in soil conditions similar to soil class A of Eurocode 8, 
were selected as input motion in outcrop conditions for the 1D ground response analyses (Table 
2). The mean acceleration spectrum of the selected input signals is plotted together with the EC8 
spectra for soil class A in Figure 2. 

The time histories are scaled from 0.1 to 0.7g in order to calculate the induced stresses in the 
tunnel for gradually increasing level of seismic intensity. In particular, for amplitudes equal or 
lower to 0.3g, the first four records were used, while for amplitudes greater of 0.3g the next six 
records were applied. This distinction was made in order to scale the real records to amplitudes 
as much as possible consistent with their frequency characteristics. 



Table 2. Selected records applied to the bedrock of the soil profiles. 
 

Record station Earthquake Magnitude 
Μw  

Epicentral 
distance (km)

PGA  
(g) 

Predominant 
period (sec) 

1 ΟΤΕ Kozani, 1995 6.5 17.0 0.142 0.50 
2 Kypseli Parnitha, 1999 6.0 10.0 0.120 0.43 
3 Gebze Kocaeli, 1999 7.4 41.8 0.218 1.06 
4 Cubbio-Piene Umbria-Marche, 1998 4.8 18.0 0.235 1.08 
5 Hercegnovi Novi Montenegro, 1979 6.9 65.0 0.256 0.74 
6 Sturno Campano Lucano, 1980 7.0 32.0 0.323 2.30 
7 Gilroy1 Loma Prieta, 1989 6.9 28.6 0.440 0.37 
8 Griffith Park Observ. Northridge, 1994 6.7 25.4 0.289 0.10 
9 Whitewater Trout Farm Palm Springs, 1986 6.2 7.3 0.517 0.52 
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Figure 2. Mean acceleration spectra +-1standard deviation of the input time histories for the 1D ground 

response analyses and comparison with the spectrum provided by EC8 (soil type A). 
 

3.3 Soil profiles  
 

Fourteen ideal soil deposits were considered, corresponding to soil types B, C and D of Euro-
code 8 (EC8 2004), ranged according to the shear wave velocity (Vs30) values (Figure 3). Three 
different thicknesses were assumed, equal to 30m (profiles: B30sand, B30clay, C30sand, 
C30clay, D30sand, D30clay), 60m (profiles: B60a, C60a, D60a, B60, C60, D60) and 120m 
(profiles: B120, C120). Typical values of the different soil properties were selected for each soil 
layer. The 60m and 120m profiles constitute of a surface 5m thick sand layer overlaying clay 
layers, while the 30m profiles consist solely of sand or clay.  

 
3.4 Estimation of the imposed seismic ground displacements 

 
The imposed quasi-static seismic ground displacements have been computed using a 1D EQL 
approach with the code EERA (Bardet et al 2000), assuming an equivalent linear elastic soil be-
havior. The variations of shear modulus G/Go and damping ratio D with the shear strain level γ 
were defined according to the available data in the literature as a function of plasticity index and 
effective stress (Darendeli 2001). Curves with PI=30% for clay and PI=0% for sand materials 
were selected in this study (Figure 4). For the seismic bedrock, the curves proposed by Schnabel 
et al. (1972) were applied.  
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Figure 3. Variation of shear wave velocities of the examined soil profiles. 
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Figure 4. Shear modulus reduction (G/Gmax) and variation of damping ratio (D) with shear strain (γ). 

 
 



Each soil profile is discretised by appropriate number of layers varying from 2.5 to 10m 
thickness. In the iterative procedure, the ratio of effective and maximum shear strain is assumed 
equal to 0.65. The cumulative displacements in each soil layer and depth were estimated for 
each soil profile and input motion, based on the computed peak shear strain versus depth. These 
peak displacements’ profiles are imposed on the lateral boundaries of the plain strain soil model 
in order to estimate the response of the tunnel lining under quasi-static conditions. We avoided 
to apply the computed displacements’ pattern directly on the tunnel lining through springs and 
dashpots because recent studies (Pitilakis and Tsinidis, 2010) have proved that the epistemic un-
certainties associated to the selection of these parameters may be very important, affecting the 
final results. Moreover, it was found that the displacements that are estimated from the dis-
placement time histories in each layer for the time instance where the shear strain takes the 
maximum value at the tunnel’s depth, are similar or even lower than the aforementioned ones 
based on the peak values. Therefore, the displacements’ patterns used herein, which are based 
on the peak shear strains, constitute a more conservative and easier to apply approach.  

The computed variation of G versus depth was also used to evaluate the corresponding 
modulus of elasticity (E) of each soil layer, which is used in the quasi static analysis of tunnel. 
In particular, an average value of E is calculated for each soil layer based on the average values 
computed for the different input motions. Figure 5 shows a typical example of the computed 
ground response in terms of maximum acceleration amax (PHGA), normalized shear stiffness 
G/Gmax, peak shear strain γmax, and cumulative displacement Dn. The computed PGA value at the 
surface of each soil profile is selected as the representative parameter of the seismic intensity in 
the fragility curves. 
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Figure 5. Example of 1D ground response analysis results with EERA and estimation of displacements 

versus depth (Soil profile: C60, Input motion: Montenegro, 0.5g for outcrop conditions). 
 
The relative stiffness of the structure and the surrounding soil is an important parameter de-

scribing the soil-structure interaction identity of underground structures (Hashash et al. 2001). It 
may be quantified by the flexibility ratio (F), which is a measure of the flexural stiffness (resis-
tance to ovaling for circular tunnel or racking for rectangular frame) of the medium relative to 
the lining. The flexibility ratio an important factor that contributes to the soil-structure interac-
tion. It depends on the characteristics of the medium (modulus of elasticity Em or shear modulus 
Gm) and the geometrical and material properties of the tunnel. The flexibility ratios that corre-
spond to the different soil profiles and the two tunnels of the present study are given in Figure 6. 
The shear depended modulus of elasticity of the surrounding soil has been estimated through the 
1D ground response analyses for the different input motions, as described above. They vary 
from 0.2 to 55 covering a wide range of soil-structure interaction cases.  
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Figure 6. Flexibility ratios F for the different soil profiles and the two tunnel sections. 

 
3.5 Numerical analyses 

 
The response of the tunnel is calculated under quasi-static conditions applying the induced free 
field cumulative displacements, which were calculated through the 1D EQL analysis. A plane 
strain ground model with the tunnel cross section is simulated using the finite element code 
PLAXIS 2D (Plaxis 2002). The lateral extent of the model is properly selected in order to simu-
late the soil structure interaction and to avoid boundary effects. Based on sensitivity analysis it 
was found that a distance equal to three times the diameter of the circular section (i.e. 30m) 
from both sides of the tunnel axis is adequate for the analysis. 

The side boundary conditions were fixed in the vertical direction and free to move in the hori-
zontal direction, while the nodes at the bottom of the mesh were fixed in both directions. Prior 
to the application of the imposed displacement, a set of initial static analyses was performed to 
properly model the initial static conditions, the excavation of the tunnel and the construction of 
the lining. The circular tunnel excavation was simulated through the volumetric contraction of 
the tunnel section corresponding to volume loss equal to 0.2-0.5% for soil type B and 1% and 
2% for the soil types C and D respectively.  

The behaviour of the tunnel lining was assumed to be linear elastic, while the soil was charac-
terized by a Mohr-Coulomb yield criterion for all the stages of the analysis. Strain compatible 
soil shear stiffness moduli, are used for the quasi-static analysis. Figure 7 shows a representative 
example of the tunnel response after imposing the shear ground displacements. 

 
Mmax=-84.3 kNm/m 

 
Mmax= 1480 kNm/m 

Deformed Mesh
Extreme total displacement 43.07*10-3 m

(displacements scaled up 100.00 times)

a) 

Nmax=-692.7 kN/m 

b) 

Axial forces
Extreme axial force -1.06*103 kN/m  

Nmax=-1060 kN/m 

c) 

Figure 7. Example of 2D analysis results: deformed mesh (a), total moment and axial forces of the cir-
cular (b) and rectangular (c) tunnel lining (Soil profile: B60a, Input motion: Kypseli, 0.3g). 



4 FRAGILITY CURVES 

The derivation of fragility curves (i.e. the definition of the median threshold value of PGA for 
each damage state) is based on the construction of diagram of the computed damage indices 
versus PGA at the ground surface according to the definitions of Table 1. The diagram is esti-
mated by linear regression analysis, considering the natural logarithm of the damage index 
(LnDI) as the dependent variable and PGA as the independent variable. Similar approaches are 
used for the derivation of fragility analysis for bridges (e.g. Karim and Yamazaki 2003, Choi et 
al. 2004, Nielson and DesRoches 2007, Pinto 2007).  Examples of the evolution of damage with 
PGA are given in Figure 8 for the two tunnel sections, where an average linear regression is fit-
ted to the data set, bounded by the corresponding standard deviation.  
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Figure 8. Examples of the evolution of damages with PGA at the ground surface for circular and rec-

tangular tunnel cross-sections. Estimation of the median threshold values of PGA for each damage state. 
 
The sets of fragility curves derived for each soil type (B, C and D) following the procedure 

that is described in this paper, are given in Figures 9 and 10 for the circular and rectangular tun-
nel section respectively. In the same figures the parameters of the lognormal distribution in 
terms of median and standard deviation are presented. Comparing the fragility curves derived 
for the three soil types, it is noted that for the same PGA in both tunnel types the vulnerability is 
gradually decreasing from soil type D to C and from soil C to B. The fragility curves for exten-
sive damages for soil type B in both tunnel sections, and for soil type D in case of rectangular 
tunnel, (dashed lines), are derived based on extrapolation of the available computation results. 
The extrapolated values of damage index for the extensive damages could be attributed to sev-
eral reasons, i.e. higher stiffness in case of soil class Β and predominance of non-linear soil be-
havior and internal damping expected in the case of soil class D.  



A practical consequence of these observations is that the probability of extensive damages is 
very low for circular tunnels in stiff soils, even for very important ground accelerations. The 
same is expected for rectangular tunnels in soft soils. These remarks are consistent with the few 
available observations from recent strong earthquakes as it is further discussed in the next sec-
tion.    

Comparing the fragility curves derived for the two tunnel types, it is observed that the rectan-
gular shallow tunnel, constructed with cut and cover, is more vulnerable than the circular, nor-
mally bored, tunnels, for all soil types. The higher standard deviation values are estimated in the 
case of the circular section in soil type C and D, which reflects the variability in the results in 
terms of PGA at the surface and damages indices values. 
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Figure 9. Fragility curves for circular (bored) tunnel section (dashed curve derived by extrapolation of 

numerical results). 
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Figure 10. Fragility curves for rectangular (cut and cover) tunnel section (dashed curves derived by ex-

trapolation of numerical results). 
 

5 COMPARISON BETWEEN NUMERICAL AND EMPIRICAL DAMAGE DATA 

The numerically derived fragility curves are compared with the empirical ones that are proposed 
by ALA (2001) based on observed damage data in tunnels from past earthquakes (Figure 11). In 
these empirical curves PGA values have been estimated using available ground motion predic-
tion equations, with all the uncertainties associated to these models. Moreover, the database in-
cludes tunnels of various functions (i.e. highway, transit, railroad, water supply and communica-
tions). They are classified as tunnels in rock and tunnels in soil, and for poor-to-average and 
good construction practices and maintenance conditions. Finally, the definition of the damage 
states is strictly qualitative, based mainly on the extent of the observed cracking of the tunnel 
liner, and independently of the type of damage producing these cracking; for example cracking 



due to transversal stressing is not differentiated from cracking in the longitudinal axis. In the 
present comparison, we selected to compare our resulting fragility curves with the empirical 
fragility curves for alluvial (soil) and cut and cover tunnels with good quality construction.  For 
this type of tunnels no empirical curves are provided for extensive damages, which is consistent 
with the numerical results. In particular, the threshold PGA values for extensive damages are 
very high or they are estimated based on extrapolation of the numerical results since the com-
puted damage indexes are low, as it is described in the previous section. 
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Figure 11. Comparison between numerical and empirical (ALA, 2001) fragility curves for circular (up) 

and rectangular (down) tunnel cross section. 
 
The role of the soil conditions is very important to be neglected. The numerical fragility 

curves are seriously modified with the soil conditions, contrary to the empirical curves, which 
are rather describing an average response of the tunnels independently of soil conditions. There-
fore, the empirical curves may over or underestimate the probability of damage. It is also inter-
esting to remark that the empirical curves are well compared with the numerical ones for soil 
types C or D. This is due to the fact that the majority of damages have been reported in “moder-
ate” and “poor” soil conditions that correspond to soil type C and D.  

The proposed fragility curves are applied to estimate the damage probabilities of cut and 
cover tunnels that were subjected to strong ground motion in recent earthquakes (Table 3). Two 
rectangular stations in Athens (Monastiraki, Sepolia) and one in Kobe (Dakai) are examined. 
The details about the structure geometry and response, site soil conditions and recorded ground 
motions are given by Gazetas et al. (2005). The observations are well predicted by the fragility 
curves in case of Athens metro.  The prediction is less satisfactory in case of Dakai station. This 
divergence may be attributed to the fact that the present fragility curves are referring to modern 
structures designed and constructed according to recent improved seismic code prescriptions, 
while Dakai station was not designed according to modern codes. Moreover, the curves were 
developed for one-barrel rectangular section, without the presence of the vulnerable central col-
umns as it is the case of Dakai station. 

 



Table 3. Comparison between observations and estimations from fragility curves for cut and cover 
tunnels. 

Earthquake Tunnel type 
and location 

PGA on site 
(free field) 

Soil type Observed 
damage 

Probability of 
damage  

Parnitha, 
1999 

Monastiraki 
station  0.34g 

Stiff sandy clays and highly 
weathered rock formations down 
to at least 60 m depth, Vs30= 
400m/s  

None None: 0.93 
Min.: 0.06 
Mod.: 0.01 
Ext.: 0.00 

Parnitha, 
1999 

Sepolia sta-
tion  0.31g 

0-7m: sandy to silty clay, 7-15m: 
stiff sandy clay with gravels, 15-
25m: fractured conglomerate, 
‘Athenian Schist’, Vs30= 390m/s  

None None: 0.95 
Min.: 0.04 
Mod.: 0.00 
Ext.: 0.00 

Kobe, 1995 Dakai  sta-
tion  ~0.70g 

alternations of mostly saturated 
loose sandy and soft clayey, 
Vs30=300m/s  

Extensive None: 0.14 
Min.: 0.42 
Mod.: 0.23 
Ext.: 0.22 

 
6 APPLICATION TO  THESSALONIKI METRO (GREECE) 

The Thessaloniki metro is under construction and includes a 9.5 km of line (with two independ-
ent single track tunnels) and 13 center platform stations. The major part of the line will be con-
structed by means of two Tunnel Boring Machines. The remaining section of the line will be 
constructed by the Cut and Cover method. The depth of the tunnels starts from -14m at the New 
Railway Station, continues to -18m at the longer part of the project, reaches its maximum level 
at -31m in University area and finishes at -13m at the terminal station of N. Helvetia.  

The proposed fragility curves for the bored tunnel (circular section) are used for the seismic 
risk estimation of Thessaloniki metro. The line is divided in 13 segments between the stations 
and each one is classified in a soil class, in order to select the corresponding fragility curves 
(Table 4). The maximum value of PGA at the free surface is defined along the segments, based 
on the maps with the spatial distribution of PGA for each scenario (Figure 12). The expected 
level of damage is estimated for two seismic scenarios with mean return periods equal to 475 
and 950 years, which are derived from the detailed Microzonation study of the city (Pitilakis 
and Kakderi 2011).  The distribution of the expected damage probabilities is presented in Figure 
13 for each segment and seismic scenario. The damage probabilities are low in all cases; how-
ever the higher values are estimated for the segments that pass through soil type C. Therefore, 
the effect of soil conditions is very important both for the seismic response of soil deposits and 
nearby soil–structure systems. 

 

a)    0.15 0.2 0.25 0.3 0.35 0.4 0.45 0.5 0.55 0.6 0.65 

 
 
b)      

Figure 12. Distribution of mean peak ground acceleration (PGA in g) for the 475 (a) and 950 (b) years 
seismic scenario. 



Table 4. Soil classification and PGA values along each segment of Thessaloniki metroline. 
 

PGA (g) 
Metro line segment Soil class Tm=475 

years 
Tm=950 

years 
1 ΝRS -  Dimokratias Sq. C 0.378 0.441 
2 Dimokratias Sq. - Venizelou B 0.356 0.386 
3 Venizelou - Αg. Sophia B 0.382 0.361 
4 Αg. Sophia - Sintrivani B 0.342 0.350 
5 Sintrivani - Panepistimio B 0.300 0.325 
6 Panepistimio - Papaphi B 0.294 0.315 
7 Papaphi - Efklidi B 0.300 0.305 
8 Eflikidi - Fleming B 0.308 0.255 
9 Fleming - Αnalipseos C 0.280 0.400 
10 Analipseos - Patrikiou C 0.286 0.440 
11 Patrikiou  - Voulgari C 0.227 0.441 
12 Voulgari - Ν. Helvetia B 0.260 0.386 
13 N. Helvetia - Terminal Pylaias B 0.310 0.361 

 
 
7 CONCLUSIONS 

A simple yet comprehensive numerical methodology is proposed to construct fragility curves 
for shallow metro tunnels in alluvial deposits, when subjected to transversal seismic loading. 
Tunnel response is calculated under quasi static conditions, applying at a certain distance from 
the tunnel the induced seismic ground deformations, which are calculated through a 1D equiva-
lent linear analysis. Seismic inputs with different frequency content are used, scaled in different 
levels of seismic loading. Typical tunnel cross sections (circular and rectangular) and soil pro-
files, classified as B, C and D according to EC8, are employed. Defining different damage 
states, the fragility curves could be derived as a function of the level of peak ground accelera-
tion at the ground surface, considering the related uncertainties in the definition of damage 
states, the demand and the capacity of the tunnel.  

So far the vulnerability assessment of tunnels is based on simple empirical fragility curves, 
without properly considering soil and tunnel characteristics. With the proposed fragility curves 
we consider in a more systematic way the distinctive features of the tunnel geometric and 
strength properties, as well the input motion characteristic and soil properties. The proposed 
fragility curves should be used for shallow tunnels, circular or rectangular, in shallow alluvial 
deposits classified according to EC8 soil categories. The important role of the soil conditions is 
also highlighted through an application to the under construction metro line of Thessaloniki. 
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Figure 13. Estimated damage probabilities for Thessaloniki metro segments 
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1 INTRODUCTION 

Moderate and strong earthquakes can potentially trigger landslides in mountainous areas that 
can be devastating for the population and the built environment (Keefer 2002). The impact of 
earthquakes on the stability of slopes has been investigated by many researchers using methods 
of different complexity that may vary from the traditional limit-equilibrium (LEM) pseudostatic 
method and simplified displacement based procedures to advanced stress-strain numerical ap-
proaches. Despite the advances made on seismically induced landslide hazards, research on the 
physical vulnerability of different elements at risk subjected to landslides triggered by earth-
quakes has been limited and is still on progress. Even advanced frameworks such as HAZUS 
(NIBS, 2003) multi-hazard loss estimation methodology address the vulnerability estimation of 
buildings and infrastructures to earthquake induced ground failure due to landslides cautiously. 

Towards an analytical tool for quantifying vulnerability of simple 
RC buildings to permanent co-seismic slope deformation 

S.D. Fotopoulou, K.D. Pitilakis 
Department of Civil Engineering, Aristotle University of Thessaloniki, Greece  

ABSTRACT: The present study focuses on the development of an analytical methodology for 
the evaluation of the vulnerability of low-rise RC structures to earthquake induced landslide 
displacements. The vulnerability is quantified through specific probabilistic fragility functions 
for predefined limit states. The fragility curves express the probability of exceeding each limit 
state as a function of the Peak Horizontal Ground Acceleration (PHGA) at the seismic bedrock, 
given by the seismic hazard analysis, for all the building typologies considered. The numerical 
computations are conducted in two separate phases. In the first phase, the differential displace-
ment potential at the building’s foundation level is estimated using an adequate non-linear finite 
difference dynamic slope model. Properly selected and corrected ground motions are applied as 
dynamic excitation at the base of the model to assess the foundation response and the associated 
ground displacements are computed accordingly. In order to check the validity of the results of 
the dynamic analysis, they are compared, in terms of horizontal slope displacements, with 
Newmark-type displacement approaches. In the second phase, a non-linear fibre-based FEM 
analysis is performed to assess the building’s response for different ground landslide displace-
ments induced by the earthquake. To this end, the calculated differential displacement demand 
is directly applied as static time history to the building model at the foundation level.  Structural 
limit states are defined in terms of a threshold value of building’s material strain. The developed 
methodology is applied to single bay–single story RC buildings with varying strength and stiff-
ness characteristics of the foundation system (isolated footings, continuous foundation), stand-
ing near the crest of a relative slow moving earth slide. Various sources of uncertainty concern-
ing the capacity of the building, the deformation demand and the definition of limit states are 
considered in the analysis. The derived fragility curves reflect the important  differences that 
may observed on the  performance of the structures to the landslide deformation demand de-
pending on the stiffness of the foundation system. 
 
 



A major constraint to this appears to be the scarcity of accurate and reliable data on the degree 
of damage to various elements at risk impacted by different landslide hazards. 

In the content of quantitative risk estimation, physical (structural) vulnerability of the ex-
posed elements to landslides comprises a key component that is generally enclosed in the defini-
tion of risk [R] through the following formulation (Varnes, 1984): 

[R]= [H] x [V] x [E]                                                        (1) 
Where [H]: hazard, [E]: exposure (global value or cost of elements at risk in a given territori-

al system). 
From a natural-sciences perspective, physical vulnerability may be defined as the degree of 

loss (expressed on a scale from 0 to 1) to a given element at risk resulting from the occurrence 
of a specified landslide event of given type and intensity. There is no unique vulnerability value 
for the exposed elements. Depending on the potential consequences, it should be estimated with 
respect to the structural properties of exposed elements (e.g. typology, construction quality, 
foundation type, state of maintenance, use etc) and to the mechanism and magnitude of the 
landslide processes. The geographic location of the exposed building or infrastructure in relation 
to the unstable slope (e.g. crest, base etc) is also an additional important contributing factor. Due 
to the multi-dimensional and multi-parametric nature of the problem and the various uncertain-
ties involved, the introduction of a probabilistic analysis framework is always d given that suffi-
cient data are made available. 

The present paper aims at the proposition and quantification of an efficient analytical metho-
dology to assess the vulnerability of simple RC buildings due to permanent seismically induced 
landslide displacements. The methodology results to the construction of fragility curves that de-
scribe the probability of exceeding each limit state versus the Peak Horizontal Ground Accelera-
tion (PHGA) at the assumed seismic bedrock. In next sections, we first describe the methodolo-
gy key components.  Then, we provide a numerical application to an idealized case study where 
the deformation demand due to the earthquake induced landslide hazard and the building re-
sponse are treated at separate stages. In addition, we assess the reliability of the results of the 
dynamic analysis through their comparison with Newmark-type displacement methods. Finally, 
we present the analytical procedure to develop fragility functions that can be used to quantita-
tive evaluate the structural vulnerability in seismic and landslide risk analysis.   

2 METHODOLOGY 

A schematic representation of the proposed framework is illustrated in Figure 1. Building classi-
fication (foundation and superstructure details) constitutes the capacity of the building. The 
earthquake demand, the landslide type and the relative location of the building to the potential 
unstable slope constitute the deformation demand of the building.  It is noted that the difference 
in stiffness between the building’s foundation and the surrounding soil can also be a critical fac-
tor in accurately determining the deformation demand for the building (e.g. for the case of stiff 
foundation resting on soft soil material).  Structural response data obtained by analyzing the 
building capacity under the deformation demand is processed by the methodology for fragility 
curve generation to yield the results. Limit states, which are determined with respect to the 
building classification, properly selected empirical criteria and expert judgment, are required at 
this step. The final step of the methodology will result to the construction of the analytical fra-
gility relationships.  

The proposed methodology is applicable for the vulnerability assessment of low-rise frame 
RC buildings impacted by earthquake induced relative slow moving earth slides. It is principally 
based on a comprehensive set of numerical computations and statistical analysis. In terms of 
numerical simulation, a two-step uncoupled analysis is conducted. In the first step, we perform a 
nonlinear Soil-Foundation-Interaction analysis using FLAC2D (Itasca, 2008) finite difference 
code. A dynamic slope model is constructed and properly selected and corrected ground mo-
tions are applied at the base of the model to estimate the differential permanent displacements at 
the building’s foundation level. Then, we assess the building’s response for different differential 
ground landslide displacements induced by earthquake with progressively increased intensities.  



 
 

 
 

 
 

 
 

 

 
 

 
 
 

 
 

Figure 1 Flowchart for the proposed framework of fragility analysis of RC buildings 
 
 
To fulfill this task, the previously computed differential displacements are directly applied as 

input static time histories to the building nonlinear model at the foundation level. The numerical 
non-linear static analysis of the building is performed through the fibre-based finite element 
code SEISMOSTRUCT (Seismosoft, Seismostruct, 2010). It ‘s worth noticing that the complex 
issue of combined damages on the building by ground shaking and ground failure due to 
landslide is not taken into account in the evaluation of the building‘s vulnerability, that is as-
sessed only for the effect of the permanent co-seismic displacement. In other words, no initial 
damage to the building’s structural members (e.g. in terms of stiffness and strength degradation) 
is assumed to occur due to ground shaking.  

The landslide type (rock fall, debris flow, earth slide, etc) is a crucial parameter of the pro-
posed methodology as landslides of different types and sizes usually require different and com-
plementary methods to estimate vulnerability. The damage caused by a slow moving landslide 
on a building is mainly attributed to the cumulative permanent (absolute or differential) dis-
placement and it is concentrated within the unstable area. A relative slow moving earth slide 
that will produce tension cracks due to differential displacement to a RC building, exposed to 
the landslide hazard, is considered in this study.  

The characteristics (amplitude, frequency content and duration) of the earthquake ground mo-
tion in relation to the soil dynamic properties and stratigraphy can significantly influence the de-
rived deformation demand for the building. Material damping, the impedance contrast between 
sediments and the underlying bedrock, and the characteristics of incident wavefield are consi-
dered to represent the governing factors for site amplification/attenuation (Kramer and Stewart, 
2004; Pitilakis 2010). A fundamental period of the earthquake close to the natural period of the 
site can lead to resonance phenomena and, consequently, to an amplified energy content of the 
ground motion. Combining a low-frequency seismic input motion together with a resonance 
phenomenon in the low-frequency range, the slope failure potential assumes its highest values 
(Bourdeau et al., 2008).  

The position of the building with respect to the landslide area is a very important contributing 
factor in estimating vulnerability. In large landslides, there are sensitive areas where damage in 
terms of total displacement or released energy will be more likely (or much higher). This oc-
curs, for instance, in the landslide boundaries, such as the head or lateral sides, or at local scarps 
where tensile stresses develop with the result of cracks, surface ground depletion and local rota-
tion (Fell et al., 2008). In contrast to landslides triggered by intense precipitation that are gener-
ally uniformly distributed along the slopes, landslides triggered by earthquakes tend to be clus-
tered near ridge crests and hill slope toes. Peng et al. (2009) attributed this ridge- crest clustering 



to topographic effects, and the clustering at hill slope toes to dynamic pore-pressure changes in 
the water-saturated material of lower hill slopes. Topographic effects may alter the amplitude 
and frequency content of the ground motions along slopes (Bouckovalas and Papadimitriou, 
2005; Ktenidou 2010). Moreover, the effect of soil-structure interaction due to the presence of a 
structure at the cliff can further modify the seismic response at the topographic irregularity, de-
pending on the soil-structure impedance contrast (Assimaki et al., 2007).  In the current study, 
RC buildings of different stiffness characteristics standing near the slope’s crest where the seis-
mic ground motion due to topographic effects is generally amplified are considered.  

For a landslide of given type, mechanism and intensity, the typology of the exposed structure 
is also a key factor in the vulnerability assessment methodology. Geometry, material properties, 
state of maintenance, code design level, soil conditions, foundation and structure details, num-
ber of floors etc. are among typical typological parameters which determine the capacity of the 
building to withstand the specified co-seismic landslide displacement. The response to perma-
nent total and differential ground deformation depends primarily on the foundation type. A 
structure on a deep foundation (e.g. piles) compared to shallow foundations often experiences 
higher resistance ability and hence a lower vulnerability. For shallow foundations (figure 2), the 
distinction is between rigid or flexible/unrestrained foundation systems.  It is important to notice 
that the stiffness of the foundation should be regarded in relation to the stiffness of the underly-
ing soil. When the foundation system is rigid (e.g. continuous raft foundation), the building is 
expected rather to rotate as a rigid body and a failure mainly attributed to the loss of functionali-
ty of the structure is anticipated. In this case, the damage states are defined empirically, as there 
is limited structural demand to the members of the building (apart from possible P-Δ effects at 
larger rotations). On the contrary, when  there is sufficient flexibility in the foundations allow-
ing for the walls or columns to move independently with respect to each other (e.g. isolated 
footings), the various modes of differential deformation produce structural damage (e.g. cracks) 
to the building members (Bird et al. 2005, 2006).  An analytical procedure analogous to that of 
the response due to seismic ground motion is possible in this case.  

 
 

 
Figure 2. Typical shallow foundation systems - Types and layout 

 
When building response to ground failure comprises structural damage, damage states can be 

classified using the same schemes used for structural damage caused by ground shaking. Limit 
states are defined in terms of limit value of a component’s strain based ,  based on the work of 
Crowley et al. (2004), Bird et al. (2005), Negulescu and Foerster (2010) and engineering judg-
ment. Different limit strains are adopted for “low” and “high” code designed structures. 

The fragility curves are numerically estimated in terms of peak horizontal ground accelera-
tion at the “seismic bedrock”, (PHGA) versus the probability of exceedance of each limit state 
considering various sources of uncertainty. The selection of the PHGA against the differential 
displacements value is a key point of the present method and it is explicitly related to the main 
parameter of any seismic hazard assessment. In that way the soil and topographic amplification 
is directly included in the analysis. 

In the probabilistic approach proposed herein, several uncertainties are involved concerning 
the capacity of the building, the definition of the limit states and the deformation demand (diffe-
rential permanent displacement). The uncertainty in the displacement capacity is a function of 
the material properties, geometric properties, and the yield strain of steel and post-yield strain 
capacities of the steel and concrete.  The uncertainty in the demand includes all of the variability 



associated with the ground motion estimation plus additional uncertainties associated with the 
landslide type and size, the relative position of the building to the landslide area, the variability 
in soil parameters and stratigraphy and the uncertainty within the assessment of ground defor-
mations. 

3 APPLICATION  

3.1 Deformation demand of the building 
An application of the methodology described in the previous section to an idealized case 

study is presented herein. In order to establish correlation between the earthquake demand and 
the permanent differential displacements (deformation demand) for the building, dynamic non-
linear analyses are performed using the explicit finite difference code FLAC 2D 6.0 (Itasca, 
2008). The soil materials are modeled using an elastoplastic constitutive model with the Mohr-
Coulomb failure criterion with tension cutoff, assuming a zero dilatancy non-associated flow 
rule for shear failure and an associated rule for tension failure. A small amount of mass and 
stiffness -proportional Rayleigh damping (1 to 3%) is also assigned to compensate for the ener-
gy dissipation during the elastic part of the response and during wave propagation through the 
site. The center frequency of the installed Rayleigh damping is selected to lie between the fun-
damental frequencies of the input acceleration time histories and the natural modes of the sys-
tem. The soil type is selected to represent dry, medium dense sand corresponding to soil catego-
ry C of EC8 (CEN-European Committee for Standardization, 2003); its material, physical and 
dynamic properties are provided in Table 1.  
 
Table 1. Soil properties  

 
Properties Soil C   
Constitutive model Mohr Coulomb 
Dry density (KN/m3) 18 
Vs (m/sec) 250 
Poisson's ratio 0.3 
Cohesion (KPa) 0 
Friction angle (degrees) 36 
N1(60) 21 
Dr(%) 60 

 
Table 2. Foundation properties 

 
Properties Foundation system 
 Stiff foundation Flexible foundation 
Element beam  
Length (m) 6  
Density (KN/m3) 24  
Young's modulus (KPa) 2.90E+7  
Moment of inertia I (m3) 0.0053  
Area (A) (m2) 0.4  

Load (KN/m) Uniform distributed 
q=25KN/m2 

Concentrated load 
P=50KN/m 

 
The 2D dynamic slope model, schematically illustrated in Figure 3, has a total length of 

300m and the elevations of ground surface vary from 80 to 100 m. The slope height and inclina-
tion are taken as 20m and 30o respectively. The model is discretized to allow for a maximum 
frequency of at least 10Hz to propagate through the grid without distortion. A finer discretiza-
tion is adopted in the slope area, whereas towards the lateral boundaries of the model, where the 
accuracy requirements loosen, the mesh is coarser. Free field absorbing boundaries (Cundall et 
al. 1980) are applied along the lateral boundaries while quiet (viscous) boundaries (Lysmer and 



Kuhlemeyer, 1969) are applied along the bottom of the dynamic model to minimize the affect of 
artificially reflected waves. In order to apply quiet boundary conditions along the same boun-
dary as the dynamic input, the seismic motions must be input as stress loads combining with the 
quiet (absorbing) boundary condition.  

 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
Figure 3. FLAC dynamic model 

 
A building is assumed to be located 3m from the slope crest. At this stage, the building is 

modeled only by its foundation with a width of 6m (uncoupled approach). Two different shal-
low foundation systems are considered (Table 2): isolated footings and a uniform loaded conti-
nuous slab foundation. In the first case, the foundation is simulated with concentrated loads at 
the footings’ links. As a consequence, no relative slip and/or separation between foundation and 
subsoil are permitted. In the second case, the foundation system is modeled as a deformable 
elastic beam connected to the grid through appropriate interface elements that can approximate 
the potential Coulomb sliding and/or tensile separation of the beam.  

Prior to the dynamic simulations, a static analysis is carried out to establish the initial effec-
tive stress field throughout the model. The dynamic input motion consists of SV waves vertical-
ly propagating from the base. Six different  earthquake  records  are  used  as  excitation for the 
dynamic analysis:  (i) Valnerina (Cascia-L), Italy,  Ms=5.8 , 1979, (ii)  Athens (Kypseli-L),  
Greece,  Μw=5.9,  1999,  (iii)  Montenegro-[TRA (EW)],  former Yugoslavia,  Μw=6.9,  1979 
and (iv)  Northridge (Pacoima Dam -L), USA, Μs=6.7, 1994,   (v) Campano Lucano (Sturno-L), 
Italy,  Mw=6.9 , 1980 and (vi) Duzce (L), Turkey, Μw=7.2,  1999. They all refer to outcrop 
conditions.  The records are selected to cover a range of seismic motions in terms of the seismo-
tectonic environment, amplitude, frequency content and significant duration. Before applied 
along the base of the model, they are subjected to appropriate correction (baseline correction 
and filtering) to assure an accurate representation of wave transmission through the model. Note 
that due the compliant base considered the appropriate input excitations to FLAC model corres-
pond to the upward propagating wave train that is taken as one-half the outcrop motion (Mejia 
and Dawson, 2006).  Figure 4 presents the normalized elastic response spectra of the input mo-
tions together with the proposed elastic design spectrum of EC8 (CEN-European Committee for 
Standardization, 2003) for soil type A (rock).  
The input accelerograms are scaled to five levels of peak ground acceleration, namely 
PHGA=0.1, 0.3, 0.5, 0.7 and 0.9g, so as to assess the building response for different displace-
ment magnitudes. This procedure will allow resulting in different damage states for the building 
and finally to be able to construct the corresponding fragility curves. Figure 5 presents the max-
imum computed values of permanent ground displacement at the slope area in relation to the 
corresponding differential displacements at the foundation level for the different assumed build-
ing‘s foundation configurations. A strong, positive linear correlation between the two variables 
is detected. Thus, differential deformation can be easily determined by the residual maximum 
slope displacement using an appropriate linear relationship. Figure 6 depicts the maximum val-
ues of differential displacements for the building with flexible and stiff foundation system de  



rived from the dynamic analysis by applying the different scaled accelerograms. It is observed 
that the specific characteristics (frequency content and duration) of the seismic ground motions 
can significantly influence the magnitude of the computed differential displacement at the foun-
dation level. Moreover, it is worth pointing out that when the soil structure interaction is consi-
dered, the differential horizontal displacements at the beam foundation are practically zero and 
the total differential displacement vector for the building is generally decreased. 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
 
 

Figure 4. Normalized average elastic response spectrum of the input motions in comparison with the cor 
responding elastic design spectrum for soil type A (rock) according to EC8. 
 

 
Figure 5. Regression of differential displacement vector for buildings with flexible (left) and stiff (right) 
foundation system on the maximum computed permanent ground displacement 

 
Figure 6. Maximum values of differential displacement vector for buildings with flexible (left) and stiff 
foundation system (right). 



3.1.1 Comparison with Newmark-type displacement methods 
 

To validate FLAC numerical results, they are compared, in terms of maximum permanent ho-
rizontal displacement, with the Newmark-type displacement methods. The conventional analyti-
cal Newmark rigid block model (Newmark, 1965) and a simplified coupled stick-slip deforma-
ble sliding block model (Bray and Travasarou, 2007), are used to calculate permanent 
displacements of the slide mass.  

Newmark’s method treats the potential landslide block as a rigid mass (no internal deforma-
tion) that slides in a perfectly plastic manner on an inclined plane. The block is assumed to have 
a known yield or critical acceleration, ky, which comprises the threshold base acceleration re-
quired to overcome the shear resistance of the slope and initiate failure. The cumulative perma-
nent slope displacement has been obtained by double integration of the surface outcropping ac-
celerograms. The freeware software by Jibson and Jibson (2003) was used for that calculation. 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 7. Decoupled dynamic response/rigid sliding block analysis and fully coupled analysis (Bray 
2007). 
 

The dynamic site response and the sliding block displacements are computed separately in 
the ‘decoupled’ approach or simultaneously in the ‘coupled’ stick -slip analysis (Figure 7). A 
‘coupled’ stick -slip analysis offers a more ‘realistic’ representation of the physical mechanism 
of earthquake-induced deformation over the rigid-block and two- step decoupled approaches. 
Bray and Travasarou (2007) developed a simplified seismic displacement procedure based on a 
one-dimensional multi-degree of freedom non-linear coupled stick-slip model (Rathje and Bray 
2000) to represent the behavior of an idealized sliding mass. The method captures the primary 
influence of the system’s yield coefficient (ky), its initial fundamental period (Ts), and the 
ground motion’s spectral acceleration at a degraded period equal to 1.5Ts. The initial fundamen-
tal period of the sliding mass (Ts) has been estimated using the simplified expression: Ts = 
4H/Vs, where H is the average height and Vs is the average shear wave velocity of the potential 
sliding mass. For the purpose of this study, the parameter Sa (1.5Ts) was obtained from the rock 
outcrop scaled response spectra. 

The horizontal yield coefficient, ky, has been computed for both methods via a pseudostatic 
slope stability analysis using Spencer method of slides (Spencer 1967) that satisfied full equili-
brium.  

The results of the above methods are summarized in Figures 8 and 9 in comparison with the 
co-seismic numerical displacements calculated herein. The direct application of Newmark rigid 
block approach is found to underestimate the computed displacements. This can be regarded as 
relevant considering that the method is based on the inherent assumption that the slide mass be-
haves as a non-compliant rigid block. The results of fully coupled stick-slip deformable sliding 
block model introduced by Bray and Travasarou (2007) are generally in good agreement with 
that of the dynamic analysis. However, in both methods a large scatter on the predicted residual 



displacements is detected recognizing the need to adopt a fully probabilistic framework, as pro-
posed in Bray and Travasarou (2007). 

 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
Figure 8.Comparison between Newmark with maximum horizontal displacement from 2D dynamic ana-
lyses. 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
 
 
 
 
Figure 9.  Comparison between Bray and Travasarou (2007) displacements with maximum horizontal 
displacement from 2D dynamic analyses. 



3.2 Analysis of the building’s response 
The analyses of the building is conducted using the finite element code SeismoStruct (Seis-

mosoft, 2010), which is capable of calculating the large displacement behavior of space frames 
under static or dynamic loading, taking into account both geometric nonlinearities and material 
inelasticity. Both local (beam-column effect) and global (large displacements/rotations effects) 
sources of geometric nonlinearity are automatically taken into account. Distributed inelasticity 
elements are used based on the so-called fibre approach to represent the cross-section behaviour, 
where each fibre is associated with a uniaxial stress-strain relationship. The sectional stress-
strain state of beam-column elements is then obtained through the numerical integration of the 
nonlinear uniaxial stress-strain response of the individual fibres (typically 300-400) in which the 
section has been subdivided. For an employment of a displacement-based (DB) finite element 
formulation with the use of nonlinear models, structural elements should be subdivided into a 
number of segments (typically 4 to 5) and the delimiting sections follow the Navier-Bernoulli 
approximation (plane sections remain plane). For the present analysis, the frame sections have 
been discretized into 300 fibres and the structural members, into 4 elements. Nonlinear static 
time-history analyses are performed for all numerical simulations. In particular, the differential 
permanent (ground or foundation) displacement (versus time) curves, directly extracted from the 
FLAC dynamic analysis, are statically imposed at one of the RC frame supports.                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                                   

The studied buildings are single bay-single storey RC bare frame structures RC frame that 
vary in their foundation system: buildings with flexible foundation system (isolated footings) 
and buildings with stiff but not completely rigid foundation system (continuous uniform loaded 
foundation of finite stiffness characteristics). The beneficial contribution of masonry infill walls 
to the building capacity is not considered in this study. The building’s height and length are 3m 
and 6m respectively. Columns and beams have rectangular cross sections (beam: 0.30x 0.50 m, 
column: 0.40x 0.40m). The structures have been designed according to the provisions of the 
Greek Seismic Code (EAK 2000), for a design acceleration Ad = 0.36 g, and a behavior factor q 
= 3.5. The adopted dead and live loads (g = 1.3 kN/m2 and q = 2 kN/m2) are typical values for 
residential buildings. The longitudinal section reinforcement degree used is 1% for the columns 
and 0.75% for the beams.  

The use of single bay-single storey structures is justified from the observation that the num-
ber of storey and bays do not seem to comprise crucial parameters in the determination of the 
building’s performance subjected to permanent ground displacements. The latter is also dis-
cussed in Bird et al. (2005) and Negulescu and Foerster (2010) for the vulnerability assessment 
of RC buildings due to differential settlements. Hence, one bay-one storey RC structures despite 
their simplicity are found to be adequately representative of the performance of real low-rise RC 
frame buildings. 

The material properties assumed for the members of the reference RC buildings are described 
below. A uni-axial nonlinear constant confinement model (Fig. 10 (a)) is used for the concrete 
material (fc=20MPa, ft=2.1MPa, strain at peak stress 0.002mm/mm, confinement factor =1 for 
unconfined and 1.2 for confined concrete, specific weight=24KN/m3), assuming a constant con-
fining pressure throughout the entire stress-strain range (Mander et al. 1988). For the reinforce-
ment, a uni-axial bilinear stress-strain model with kinematic strain hardening (Fig. 10(b)) is uti-
lized (fy=400MPa, E=200GPa, strain hardening parameter μ =0.005, specific 
weight=78KN/m3). This simple model is characterized by easily identifiable calibrating parame-
ters and by its computational efficiency.  

 
 
 
 
 
 
 
 
 
 

Figure 10. Stress-strain models for concrete (left) and steel (right) material 



A sensitivity analysis is performed for the reference building cases which allows for indenti-
fying the influence of different parameters on the structural response and proposing a prelimi-
nary probabilistic framework of the damage estimation. The parameters selected to vary are: the 
yield strength of steel (fy=210, 400, 500 MPa), the compressive (fc=16, 20, 30 MPa) and tensile 
(ft=2.0, 2.1, 3.0 MPa) strength of concrete, the reinforcement ratio (ρ=0.8%, 1%, 1.2% for col-
umns and ρ=0.55%, 0.75%, 0.95% for beams) and the confinement factor (1.0, 1.2, 1.3) for pro-
gressively increasing levels of differential displacements extracted from the previous dynamic 
stress strain analysis for increasing level of input acceleration time histories. The yield strength 
of steel material (for fy=210MPa) is proved to be the most influential factor for both buildings 
with stiff and flexible foundations. Moreover, the deformed shapes of buildings with flexible 
foundation system are found to be essentially the same irrespective of the variability in the 
strength parameters and the level of demand, observation that is in accordance with that of Bird 
et al. (2005).  The same trend is observed to the buildings with stiff foundation (Fig. 11). In both 
building typologies, a column failure mechanism is detected. The reason is that the axial stiff-
ness of the beams is generally much higher compared to the flexural stiffness of the columns. 
Moreover, in the case of buildings with flexible foundations, the applied differential displace-
ment vector is mainly governed by the horizontal component that determines the deformation 
mode (Fig. 11(a)). On the contrary, in buildings with stiff foundation system the applied dis-
placements are practically vertical (Fig. 11(b)).  Hence, it is concluded that the inclination of the 
applied differential permanent displacement constitutes a fundamental parameter in determining 
the deformed shape of the building when subjected to a permanent displacement at the founda-
tion level.  

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
 
 
 
 
 
 
 

 
 
 
 
 

 
Figure 11. Deformed shapes for buildings with flexible (a) and stiff (b) foundations    

 
 

(a) 

(b) 



3.3 Fragility analysis  
We derived in this stage different sets of analytical fragility curves for low-rise (single bay- 

single storey) RC buildings with varying stiffness of the foundation system. Each curve pro-
vides the conditional probability of exceeding a certain limit or damage state under a range of 
seismic induced landslide events of given type and intensity. The landslide intensity is ex-
pressed in this work in terms of peak horizontal ground acceleration (PHGA) at the seismic be-
drock that is the initial trigger of the slow moving slide. This will result to permanent differen-
tial displacements at the foundation level.  

In order to identify the building performance (damage) state and to construct the correspond-
ing fragility curves, a damage index (DI) is introduced describing the steel and concrete material 
strains. Within the context of a fibre-based modelling approach, such as that implemented in 
SeismoStruct, material strains do usually constitute the best parameter for identification of the 
performance state of a given structure (Seismosoft, 2010). In all cases analyzed (600 in total), 
the steel material strain (εs) yields more critical results. Thus, it was decided to adopt only this 
parameter as a damage index hereafter for simplicity reasons. In this way, it is possible to estab-
lish a  relationship  between  the  damage  index  (εs) and  the  input motion  intensity  in  terms 
of  the  PHGA  values at the assumed seismic bedrock, for the different building typologies and 
consequently to assign a median value of PHGA to each limit state. Figure 12 presents PHGA - 
damage index relationships for low-rise, “high code” designed RC frame buildings with stiff 
and flexible foundation system.  

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
 
Figure 12. PHGA–damage index relationships for 1story-1story RC frame buildings with stiff and flexi-
ble foundation system 

 
The next step is the definition of the damage or limit states. Based on the work of Crowley et 

al. (2004), Bird et al. (2005, 2006) and engineering judgment, 4 limit states (LS1, LS2, LS3, LS4) 
are employed. Considering that low code RC buildings are poorly constructed structures charac-
terized by a low level of confinement, the limit steel strains needed to exceed post yield limit 
states should have lower values compared to high code, properly constructed RC buildings. As a 
consequence, we decided to adopt different limit state values for exceedance of extensive and 
complete damage for low and high code frame RC buildings. A qualitative description of each 
damage band for reinforced concrete frames is given in Table 3 while the limit state values fi-
nally adopted in quantitative terms are presented in Table 4. These concern exceedance of mi-



nor, moderate, extensive and complete damage of the building.  The first limit state is specified 
as steel bar yielding that is the ratio between yield strength and modulus of elasticity of the steel 
material.  

 
Table 3. Structural damage state descriptions for RC frame buildings (Crowley et al. 2004) 
 

Structural damage band Description 

None to slight 

Linear elastic response, flexural or shear type hairline 
cracks (<1.0 mm) in some members, no yielding in 
any critical section 
 

Moderate 

Member flexural strengths achieved, limited ductility 
developed, crack widths reach 1.0 mm, initiation of 
concrete spalling 
 

Extensive 
Significant repair required to building, wide flexural 
or shear cracks, buckling of longitudinal reinforce-
ment may occur 
 

Complete 

Repair of building not feasible either physically or 
economically, demolition after earthquake required, 
could be due to shear failure of vertical elements or 
excessive displacement 

 
 

Table 4. Definition of Limit states for “low” and “high” code design RC buildings  

Limit state Steel strain (εs) –low 
code 

Steel strain (εs) –high 
code 

Limit State 1 Steel bar yielding Steel bar yielding 

Limit State 2 0.0125 0.0125 

Limit State 3 0.025 0.04 

Limit State 4 0.045 0.06 

 
 
In order to construct the fragility relationships, appropriate cumulative distribution functions, 

as the ones proposed in HAZUS (NIBS, 2004), that describe the fragility relationships have 
been generated.  For structural damage, given peak horizontal ground acceleration PHGA, the 
probability of exceeding a given limit state, SLi, is modeled as: 

 
 
 
                                                                                                    (1) 
 

 
Where: 
Φ[·] is the standard normal cumulative distribution function, 

iPHGA  is the median value of peak ground acceleration at which the building reaches the 
limit state, i,  
βi is the standard deviation of the natural logarithm of peak ground acceleration for limit 

state, i. 
The median values of peak horizontal ground acceleration that correspond to each limit state 

can be defined for the threshold values of the aforementioned damage indexes as the values that 
corresponds to the 50% probability of exceeding each limit state. The standard deviation values 
(β) describe the total variability associated with each fragility curve. Three primary sources con-
tribute to the total variability for any given damage state (NIBS, 2004), namely the variability 
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associated with the definition of the limit state threshold values, the capacity of each structural 
type and the landslide demand. Based on the work of Crowley et al (2004), Bird et al (2006) and 
HAZUS (NIBS, 2004) prescriptions, the uncertainty in the definition of limit state threshold 
values, for all building types and limit states, is assumed to be equal to 0.4 while the variability 
of the capacity is assumed to be β = 0.3 for “low code” and β = 0.25 for “high code” buildings.  
The last source of uncertainty associated with the demand, is taken into consideration through a 
convolution procedure, i.e., by calculating the variability in the results of numerical simulation 
(in terms of maximum steel strain) carried out in Seismostruct for the computed differential dis-
placement time histories. It should be mentioned that this variability is different for the two dif-
ferent building types. In particular, it is higher in the case of the buildings with flexible founda-
tion system. The total uncertainty is estimated as the root of the sum of the squares of the 
component dispersions. The median (expressed in terms of peak horizontal ground acceleration 
PHGA) and beta values of each limit state for buildings with flexible and stiff foundation sys-
tem are shown in Table 5.  

 
Table 5.  Parameters of fragility functions 
 

Foundation type  
Median PHGA (g) Dispersion 

βi 

LS1 (g) LS2 (g) LS3 (g) LS4 (g)  

Flexible 0.30 0.395 0.59 0.73 0.80 

Stiff 0.31 0.575 >0.9 >0.9 0.74 

 
Figure 13 illustrates the derived sets of fragility curves for the two building typologies. High 

code designed RC structures are considered in this study. Similar fragility relationships that are 
generally associated with a more rapid transition from low levels of damage to collapse could 
also be constructed for low code structures. As expected, the building with stiff foundation sys-
tem would sustain less damage due to earthquake induced slow moving slides compared to the 
building with the flexible foundation system.  More specifically, only minor and moderate dam-
ages are possible for the former for the specified levels of deformation. 
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Figure 13. Fragility curves for one bay- one storey RC buildings with flexible (a) and stiff (b) foundation 
system 

 
It should be noticed that only the structural damage of the building members is considered in 

this research. The total damage (structural and non-structural) will be quite different (certainly 
larger) in case of the building with the stiff foundation as a considerable amount of damage may 
be attributed to the rotation of the whole building as a rigid body. In the latter, the damage can 
only be defined using empirical criteria and expert opinion (Bird et al, 2005). Furthermore, it is 
worth pointing out that the complex issue of combined ground shaking and ground failure due 
to landslide is not taken into account in the evaluation of the building ‘s vulnerability. Thus, no 
strength or stiffness degredation to the building’s structural members due to the effect of ground 
shaking is assumed to occur.  

The reliability and accuracy of the proposed methodology has been assessed by its applica-
tion to a reference RC building located near the crown of the Kato Achaia slope where most of 
the structural damage was concentrated in consequence of the Ilia-Achaia, Greece 2008 (Mw= 
6.4) earthquake (Fotopoulou et al. 2011). Both the structure and slope configuration were realis-
tically reproduced using non-linear constitutive models to prove the validity of the developed 
methodological framework. The proposed curves were found to adequately capture the perfor-
mance of the representative RC building affected by the slope co-seismic landslide differential 
displacement.  

4 CONCLUSIONS 

An analytical methodology to assess physical vulnerability of RC buildings subjected to 
earthquake induced slow moving earth slides has been presented. The procedure results to the 
construction of fragility relationships for RC buildings via numerical simulations and statistical 
analysis concerning different soil types, slopes geometries, the relative location to the landslide 
mass and the specific characteristics of the structure (including both foundation and superstruc-
ture details). In the present study, the proposed approach has been implemented to low-rise RC 
frame buildings that differ in the foundation system (isolated footing and continuous founda-
tion).  Various uncertainties, related to the capacity of the building, the deformation demand and 
the definition of limit states have been incorporated in the analysis in a cost effective manner. It 
is observed that RC buildings with stiff foundation system would sustain less structural damage 
compared to buildings with flexible foundations.  

It is noteworthy that the derived fragility curves pertain to a reference structure with a specif-
ic combination of geometry, material properties and limit states. An extensive parametric study 
considering various building typologies, slope configurations and soil properties should be car-

(b) 



ried out in order to derive generic fragility functions to be included in the evaluation of the 
seismic risk and the design of appropriate mitigation measures at building or aggregate scale. 
Such analysis is currently underway. Further validation of the fragility curves with well docu-
mented case histories is desirable to enhance their effective implementation within a probabilis-
tic risk assessment study.  
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1 INTRODUCTION 

1.1 General 

The estimation of dry settlement, arising from seismic action, is a significant factor for the prop-
er design of rockfill dams. This applies particularly to Concrete Face Rockfill (CFR) dams, 
where the deformed dam geometry (due to the settlement) imposes increased stress upon the 
concrete slab of the upstream face. 

In this work, a simple method for calculating dynamic dry settlement in CFR dams is pre-
sented, based on simple empirical relations for a) estimating settlement on sand from earthquake 
(Egglezos 2008) and b) calculating a notional value of void ratio for gravel (instead of the actual 
value). This notional value refers to “equivalent sand” and allows the estimation of rockfill set-
tlement, through relevant equations for sand (Egglezos 2007, 2010). 

2 METHODOLOGY 

2.1 Outline of the concept 

The basic idea is the exploitation of empirical relations that predict quite accurately the dry settle-
ment of granular soils. This prediction is applied strictly to free-field conditions (horizontal layer-
ing of soil), which is not the case of a dam layering. The difference between free-field and dam 
layering is located to the difference in lateral boundary conditions (earth at rest in the first case and 
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unrestrained slopes in the latter). Having this in mind the proposed methodology utilizes the verti-
cal strains as resulted from the above mentioned empirical relations, and transforms them to the 
relevant vertical stress required to induce equal strain. The application of this extra loading, 
properly distributed all over the dam body, within terms of an ordinary 2-D static FE analysis, with 
accurate boundary conditions (comprising the foundation bedrock and the upstream concrete slab) 
is assumed to reproduce efficiently the deformed dam geometry and, consequently, to serve for the 
proper dam design. This assumption is examined thoroughly in next paragraphs, through applica-
tion in characteristic case studies. It is worth-noting that the main advantage of this procedure is 
that it utilizes simple calculational tools (at least for preliminary estimations) instead of time-
consuming rigorous dynamic elastoplastic analyses.  

2.2 Free field dry settlement of gravel 

In brief, the estimation of settlement is based on simple empirical relations (Egglezos, 2007, 
2008) for the calculation of volumetric strain ε(Ν) at the end of N cycles, at characteristic points, 
with parameters that correspond to: the initial stress (p΄o, τχy) and density (equivalent void ratio 
ees) state of soil, the peak horizontal acceleration at the point examined (amax) imposing cyclic 
stress CSR, and the number of (equivalent) loading cycles Ν, in relation to the earthquake mag-
nitude M:  

The main equations applying are the following: 
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where, cr (0.40≤cr≤0.70) is adequate correction factor for the stress state (e.g. Kastro, 1975) and 
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 The above equations (1-5) apply to clean sand. In order to be used for gravel (rockfill 
material) a notional void ratio ees must be calculated (“equivalent sand ratio”), instead of the 
nominal void ratio eo of the gravel. This transformation allows the prediction of gravel behavior 
with the application of empirical relations for sand (Egglezos 2007, 2010). The equations (6-11) 
for the determination of the “equivalent sand” ratio are the following.     

( ) ( )

( )70.4/1

58.1 54.092.3

52.0








=

eqec
L

es
NCRR

e

 (6) 

( ) 584.1202.007.1 eqeq eCRRec =
 (7) 

( ) 100/%5.00.1 DReeq −=
 (8) 



( ) 56.054.071.1 2
max +−= GCe  (9) 

( ) 36.050.011.1 2
min +−= GCe  (10) 

( ) ( )GCNeGCCRR Lo 77.0exp14.060.0 27.024.1 −−=>  (11) 

The symbols in equations (1-11) represent the following magnitudes: po΄=initial vertical ef-
fective stress and pa=atmospheric pressure, CSR=qc/po΄=cyclic stess ratio, qc=simple amplitude 
cyclic shear stress, P=τχy/τCT=static shear stress ratio (τχy=initial static shear stress, τCT=static 
shear stress on CT–line), e=void ratio (density parameter), CRR=CSR, GC=gravel content 
(weight of material (not percent) for nominal diameter d>2mm) and NL the number of cycles 
(for CSR=CRR) to cause initial liquefaction (generally N≠NL), emax and emin correspond to the 
extremes of the gravel void ratio (as calculated from empirical relations proposed by the author, 
Egglezos, 2010).   

The constants’ values in the above expressions resulted from multi-variable regression of the 
empirical equations upon numerous data from drained cyclic triaxial tests (Egglezos 2004, 2007, 
2008, 2010).  

The total (free-field) settlement Δhff is calculated with the integration of volumetric strain 
along the soil column of interest: Δhff = Σε(Ν)i Δhi 

The calculated values of permanent deformations ε(Ν)i may serve for the estimation of no-
tional gravity loading Δpi that produce equal deformation: Δpi = Ei ε(Ν)i ,  

where Ei refers to the Young Modulus of the rockfill. 
The settlement Δhff is likely to underestimate the dam settlement since the dam slopes are not 

constrained. However, a reasonable value of dam settlement can be attained if a correction fac-
tor is applied to Δhff: Δhdam =cf Δhff (cf =1.40-1.70) 

As a practical rule cf can be calculated with the following formula:cf=(ko/ka),  
where ko and ka correspond to the earth at rest and the active state coefficient, respectively. 

The whole procedure for the estimation of free-field settlement is very easily programmable 
in a simple computational environment of general use.  

2.3 CFRD dry settlement and lateral spreading 

The equations 1-11 apply strictly to free field state (horizontal soil layering and constraint of 
lateral movement). The direct application to the dam geometry is likely to underestimate the ex-
pected settlement, attributed to different boundary conditions, that is free up and downstream 
slopes.  

However, a reasonable application for dams may be attained with ordinary 2-D static stress-
strain FE analyses, according to the following steps. 

• 2-D FE analyses for the calculation of the initial stress-strain field (p΄o, τχy) of the dam at 
characteristic points (Fig.1) 

• determination of the seismic motion (acceleration time-history, normative value etc) 
• estimation of horizontal acceleration response at the previously mentioned points (e.g. 

through 2-D dynamic response analyses) 
• calculation of free field settlement, utilizing the results from the two previous steps, ac-

cording to the empirical relations (eqns. 1-11) 
• evaluation of the (assumed gravity) vertical load, which is required in order to produce the 

above (free field) settlement Δpi  
• repetition of the 2-D (static) analyses of the dam with application of the extra gravity load 

(calculated in the previous step) at the dam body, for the estimation of vertical settle-
ment and horizontal spreading, of the actual geometry. 

 
For the 2-D analyses the basic mechanical properties of rockfill (E, v, c and φ) are utilized. 

The rockfill material is simulated as an elastoplastic M-C material with dilatancy ψ. Any (usual) 



software code able to manage 2-D stress-strain response, for elastoplastic M-C material, is con-
sidered proper for the analyses (eg. PLAXIS, Phase, SIGMA/W etc.).  

As far as the points are concerned, it seems that for typical dams of height about 80-150m, a 
number of 10 points lying in equal distances from top to bottom, along three lines (upstream, 
central and downstream section) are enough for an efficient calculation (Fig.1). The application 
of the extra gravity forces Δpi may be reduced to three areas per vertical zone (totally 9 areas) as 
a mean of 4 successive values (Fig.1). 

 
 
 
 
 
 
 
 
 
 
 
 
 

 
Figure 1. Characteristic points and areas for the calculation of dry settlements  

3 A PRACTICAL EXAMPLE – APPLICATION TO IASMOS CFRD 

3.1 Dam characteristics – Input data for the analyses 

The proposed methodology for dry dynamic settlement calculation, applies to the Iasmos dam (a 
100m height CFR dam at Thrace, Northern Greece), assuming conservatively (since it concerns 
the design stage) a rather low density of the rockfill material (DR = 80%), corresponding to the 
level of attained compaction (moderate constructional performance). The main dam features 
(e.g. geometry, materials) are presented in Table 1 and Figure 2 respectively. The earthquake 
motions (5 acceleration time histories) at the ground surface of the dam area are obtained from 
the relevant seismic hazard analysis (Papazachos et al. 2010) and correspond to reasonable 
seismic scenarios for the design of the dam. All the acceleration time-histories were scaled to 
0.343g according to the requirements of the designer (application of importance factor). The 
basic data of the seismic motions are presented in Table 2. The strongest design seismic motions 
(KGS-ew, HKD-ew accelerographs) are shown indicatively in Figure 3. 
 

Table 1. IASMOS Dam Features - Data for the analyses 
Dam Material properties Geometry 

 DR(%) GC upstream slope downstream slope height (m) 

Iasmos 80 90 1:1.5 1:1.6 100 
 
 
 
 
 
 
 
 
 
 

 
Figure 2. IASMOS dam features (EDAFOMICHANIKI 2011) 
Table 2. Seismic motions of IASMOS dam used for the analyses. 



 

 
 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
 
Figure 3. Acceleration time histories from a) HKD-ew and b) KGS-ew 

3.2 Dynamic response of the dam 

The dynamic response of the dam (EDAFOMICHANIKI, 2011) resulted from 2-D “equivalent” 
linear analyses at the central section of the dam, for the 5 design acceleration time-
histories/accelerographs. The main results of the dynamic analysis are shown tabulated in Table 
3.  
 In addition, the strongest response at the dam crest (maximum acceleration from acceleration 
time-history KGS-ew) is shown indicatively in Figure 4. The variation of maximum accelera-
tion from the KGS-ew time-history, along the central section of the dam, is shown in Figure 5.  
 
 
 
 
 
 
 

DESIGN 
EARTHQUAKE

S 

MAGNITUD
E 

DISTANCE
PGA 

(cm/s2) 
PGA (g)

SCALING 
FACTOR 

PGAd (g)

  Μ R (km)     PGAd=0.343   

KGS 6.3±0.2 19±3         
ew   224.3 0.229 1.50 0.343 
ns     210.8 0.215 1.60 0.343 

MIE 5.6±0.2 19±3         
ew     232.4 0.237 1.45 0.343 

MYG  7±0.1 65±5         
ew     252.6 0.257 1.33 0.343 

HKD 7±0.1 65±5     
ew     253.4 0.258 1.33 0.343 



 
Table 3. Results of the dynamic analysis of IASMOS dam 
 

EARTHQUAKE 
amax vmax dmax TDAM 

g m/s m s 

  EMPTY 0.95 1.30 0.20 0.90 
KGS-ew HALF 0.92 1.25 0.19 0.90 

  FULL 0.88 1.20 0.17 0.90 

  EMPTY 0.80 0.75 0.08 0.69 
HKD-ew HALF 0.80 0.72 0.08 0.69 

  FULL 0.78 0.70 0.09 0.69 

  EMPTY 0.65 0.90 0.13 0.80 
MYG-ew HALF 0.61 0.85 0.12 0.80 

  FULL 0.60 0.81 0.12 0.80 
  EMPTY 0.70 0.83 0.12 0.80 

KGS-ns HALF 0.70 0.83 0.12 0.80 
  FULL 0.67 0.80 0.12 0.80 
 EMPTY 0.38 0.10 0.006 0.44 

MIE-ew HALF 0.37 0.09 0.006 0.45 
  FULL 0.28 0.20 0.025 0.46 

 
 
 
 
 
 
 
 
 
 
 
 
 

 
Figure 4. Crest response from KGS-ew       Figure 5. Acceleration variation from KGS-ew  
                    (dam’s central section) 

3.3 Calculation of permanent dam deformation  

The calculation of dry settlement and lateral spreading of the dam is performed through 2-D 
static FE staged analyses, as stated in the previous paragraph. For the analyses, a proper number 
of stages were used in order to simulate the successive constructional stages and characteristic 
operational states of the dam (empty, half-filled reservoir, full reservoir). From these analyses, 
the initial vertical stress and shear stress at characteristic points of the dam was obtained. Indica-
tively, the stress-field for the “full-reservoir” state is shown in Figure 6. At characteristic points, 
the maximum horizontal acceleration was obtained according to the results of the 2-D dynamic 
analyses. 
 The above data (initial stress field and horizontal acceleration) with the data referring to dam 
material properties (E, DR%) were used as input for the application of the empirical relations, in 
order to determine the “free-field” settlement and the equivalent notional body forces Δpi.    
 The results from the application of the empirical relations (extra gravity forces Δpi) were ap-
plied at the last computational stage, in order to produce the deformed dam geometry. The dry 
settlement and the lateral spreading of the dam are presented in Figures 7 and 8 respectively, for 
the “full” reservoir state. 



 The calculated dry settlement and the lateral spreading of the 3 characteristic dam states are 
shown concisely, for the 5 design time-histories, in Table 4.  

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
Figure 6. Stress-field for the “full-reservoir” a) vertical stress b) shear stress IASMOS dam 

 
 
 
 
 
 
 
 
 
 
 

 
 

Figure 7. Dry Settlement of IASMOS dam (KGS-ew, full reservoir)  
 
 
 
 
 
 
 
 
 
 
 
 

 
Figure 8. Latteral srpeading of IASMOS dam (KGS-ew, full reservoir) 

 



Table 4. Dry settlement of central section (m)- IASMOS dam 

Earthquake 
No of 
cycles 

M 
Δff  Δdam 

Empty Half Full Empty Half Full 

HKD-ew 11 7+0.1 0.43 0.41 0.44 0.71 0.68 0.73 

MYG-ew 11 7+0.1 0.33 0.32 0.37 0.54 0.53 0.61 

KGS-ew 7 6.3+0.2 0.39 0.46 0.44 0.64 0.76 0.73 

KGS-ns 7 6.3+0.2 0.26 - - 0.43 - - 

MIE-ew 4 5.6+0.2 0.12 - - 0.20 - - 

4 EVALUATION OF THE RESULTS 

4.1 Data for the evaluation 

For evaluation purposes, the proposed method for dry settlement calculation is applied to other 
CFR dams (Mesohora Dam at central Greece and Zipingpu Dam at Sichuan of China), utilizing 
published data (Dakoulas 2008 and Xu Zeping 2008, respectively).  

In the case of Mesohora dam the dry settlement is not a measured value but a reasonable as-
sumption of the author (Dakoulas 2008) for the dynamic analysis of the dam, according to re-
ported measurements in analogous cases. In addition the applied seismic motion is also a –
reliable- hypothetical scenario, with application of Koyna acceleration time-history (India, 
1967, M=6.5).  

On the other hand, for the Zipingpu dam there are published data (Xu Zeping 2008) concern-
ing the actual dynamic response of the dam from the strong earthquake of Sichuan (May 12, 
2008, M=7.8). These data comprise the acceleration at the crest (1.6g) and the bottom of the 
dam (0.45g), the maximum vertical settlement at the crest (0.82m) and the lateral spreading 
(0.28m, downstream).  

The above cases are examined through application of the proposed methodology (verification 
of assumptions in the case of Mesohora dam and comparison to measured data in the case of 
Zipingpu dam) in the following paragraphs.  

4.2 Application of the proposed method 

4.2.1 Dam features  
The seismic response of the two dams is obtained from a simplified approach and not from a 
rigorous 2-D dynamic response analysis. 
 The dam characteristics (geometry and materials) are presented in Table 5 and Figures 9 and 
10 for Mesohora and Zipingpu dam respectively. Both CFR dams have about the same height 
(~150m) and slope geometry (~1:1.4 upstream and 1:1.5 downsteam). As far as the materials of 
the body dam are concerned, 3 cases are examined relating to three different relative densities of 
the rockfill material (DR = 80, 90, 100%), corresponding to the attained compaction (construc-
tional performance). For simplicity reasons the dam body is considered to consist of a unique 
homogeneous rockfill material (that is no account is taken for the dam zonification). 

 
Table 5. Dam Features - Data for the analyses 
Dam Material properties Geometry Seimic data 

 DR(%) GC 
upstream 

slope 
downstream 

slope 
height 

(m) 
time-

history
amax at 

crest (g) 
M Neq 

Mesohora 80/90/100 90 1:1.4 1:1.5, 1:1.6 156 Koyna 1.1 6.5 8 
Zipingpu 80/90/100 90 1:1.4 1:1.5, 1:1.6 156 Sichuan 1.6 7.8 15 

   
 



 
 
 
 
 
 
 
 
 

 
Figure 9. Mesochora dam features. (Dakoulas 2008) 

 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
Figure 10. Zipingpu dam features (Xu Zeping 2008)   

 

4.2.2 Seismic data:  
The seismic response of the two dams is taken after a simplified approach and not as rigorous 2-
D dynamic response analysis through acceleration time-histories. The selected seismic motions 
for evaluation of the seismic performance are the Koyna (India, 1967, M=6.5) and the Sichuan 
earthquake, (Sichuan, May 12, 2008 M=7.8), for the Mesohora and the Zipingpu dam respec-
tively. The basic data concerning the seismic motion are shown in Table 5. For simplicity rea-
sons, the distribution of acceleration from crest to bottom is taken in accordance to published 
charts for idealized geometry of dam and canyon (Dakoulas & Gazetas 1986). This distribution 
is presented in Figure 11. 

 
 

 
 
 
 
 
 
 
 
 
 
 

 
 
 

Figure 11. Distribution of acceleration for idealized geometry of dam and canyon (Dakoulas & Gazetas 
1986) 



4.2.3 Analytical Procedure: 
The procedure for the calculation of dry settlement in Mesohora and Zipingpu dams is described 
previously in paragraph 2.3 and comprises the following steps: 

• 2-D FE stress-strain static analysis for the determination of stress field at 10 characteristic 
points of the central section 

• Estimation of the maximum horizontal acceleration along the vertical axis of the central 
section of the dams (according to the distribution shown in Fig.11) 

• Application of the empirical relations (eqns. 1-11) for the calculation of “free-field” dry 
settlement  

• Correction of the results for the calculation of the dam dry settlement, through the correc-
tion factor cf   

4.2.4 Evaluation results 
The resulting settlement values are well compared to those reported in the relevant literature. 
According to recent research (e.g. Dakoulas 2008, Wieland 2007), the typical expected values 
of dry settlement on 100-150m height CFR dams, (recordings from case history CFR dam set-
tlements, due to severe earthquakes), range from 0.50 to 1.00m. Indeed, dry settlements result-
ing from the analyses, are in good agreement with the aforementioned range, at least for the 
seismic shocks that cause the most intense amplification at the dam crest. In brief the results 
from the analysis and the available published data are presented in Table 6. 
 
Table 6. Dry settlement of central section (m) 

Dam 
DR(%

) 
Earthquak

e 
No of 
cycles

M 
Δff  Δdam 

Empty Half Full Empty Half Full 
 80    0.73 0.73 0.88 1.10 1.10 1.32 

Mesohor
a 

90 Konya 8 6.5 0.47 0.46 0.58 0.71 0.69 0.87 

  100       0.31 0.30 0.39 0.47 0.45 0.59 
 80    1.78 1.76 2.02 2.67 2.64 3.03 

Zipingpu 90 Sichuan 15 7.8 0.98 0.97 1.15 1.47 1.46 1.73 
  100       0.56 0.55 0.67 0.84 0.83 1.01 

5 SYNOPSIS -CONCLUSIONS 

The application of the proposed methodology for calculation of dry settlements of CFR Dams 
requires as initial data a) the stress field of the dam in static condition, b) the distribution of hor-
izontal acceleration in the dam body, for the examined seismic action and c) the choice of a rela-
tive density to account for the compaction of the rockfill material.    
 In case there is lack of data from dynamic analyses, a proper simplified distribution of accel-
eration from the crest to the bottom of the dam from published charts (e.g. Gazetas and 
Dakoulas 1995) can be used for the dry settlement calculations (at least for preliminary studies), 
with significant accuracy. 

The above data can be used as input to the following step by step procedure: a) application of 
the empirical relations for the estimation of the earthquake induced free-field settlements of the 
rockfill, b) estimation of a notional extra gravity loading consistent to the calculated settlements 
and c) conduction of 2-D FE geostatic analysis under the extra gravity loading with output the 
permanent displacement of the dam body (vertical settlements and lateral spreading). Alterna-
tively, at step (c) a simplified “correction” of the free-field output may be applied, to account for 
the sloppy boundary conditions of a dam (in this latter case only vertical settlement can be cal-
culated). 
 As a practical rule, arising from parametrical application of the proposed method and compari-
son to measured data, a relative density with a value of DR=100% seems to reflect well in the 
in-situ conditions of the rockfill. This is consistent to the high compaction requirements as it is 
described regularly in the studies of rockfill dams and the typically expected relevant construc-
tional performance as a result of systematic supervision and high quality control of these earth-
structures. However, at the stage of the design of a new CFR dam a rather more conservative 



approach is recommended (DR=80-90%) to account for occasional lower constructional per-
formance. 

The proposed methodology for dry settlement calculations applied for a) the design of a new 
CFR Dam (Iasmos Dam), b) the estimation of dry settlement, of already existing CFR dams 
(Mesohora, Central Greece and Zipingpu (China)), for strong earthquake motions. The results of 
these analyses are consistent to: a) the range of dry settlements reported from numerous case 
studies (e.g. Wieland, 2007) of CFR dams as a consequence of strong seimic motion (0.50 – 
1.00m) –all three cases examined in this paper b) the assumption of other researchers (0.25-
0.50m) in terms of calculating the stresses to be developed in the concrete face slab (Mesohora 
dam – Dakoulas, 2008) and c) the measured values of settlement in the case of Zipingpu dam 
from the 12 May 2008, M=7.8, Sichuan earthquake (0.83-1.01m predicted vs 0.82m measured 
settlement). Although a simplified approach relating to the dynamic response and the dam geo-
material properties was applied, the results are quite encouraging. It is obvious that the results 
may benefit from improvement of the accuracy of the data input (geomaterial properties, dam 
zonification and rigorous dynamic analysis for the horizontal acceleration distribution in the 
dam body).      
 As a final conclusion, it can be stated that the proposed methodology can offer a simple yet ef-
fective tool, for estimating dry settlement of CFR dams arising from strong seismic motions and 
contributes to the study of complex interaction between concrete slab – rockfill dam body – im-
pounded water mass – bedrock foundation.  
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              INTRODUCTION 
 
Caisson foundations deeply embedded in soft soil have been widely used to support major struc-
tures, especially bridges. Despite their large dimensions, caissons have been shown not to be 
immune to seismic loading as it was believed for many years, as was confirmed in the Kobe 
(1995).  
 
Interestingly, although the lateral and seismic response of deep foundations has been of consi-
derable interest for many years leading to the development of a number of methods of varying 
degrees of accuracy, efficiency and sophistication, only few of them are devoted to caissons. In-
stead, the methods of solution developed for (rigid) embedded foundation and for (flexible) 
piles have been frequently adopted. 
 
This paper aims to shed some light in the seismic design of caisson foundations under the prism 
of performance based design, which in geotechnical earthquake engineering has, until recently, 
received little attention. More specifically, a new seismic design philosophy is applied, in which 
yielding of the soil−foundation system is "utilised" to protect the superstructure—exactly the 
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ABSTRACT: The seismic response of caisson supported bridge piers is numerically investi-

gated with due consideration to soil and interface nonlinearities. Evaluation of system perfor-

mance is carried out under the prism of a new capacity design paradigm where soil "failure" 
mechanisms are mobilized to protect the superstructure. To investigate the effectiveness of such 

an approach, a caisson–column supported bridge structure is used as an example. Two alterna-

tives are compared: one complying with conventional capacity design, with over-designed 

foundation so that the soil is marginally plastified; the other following the new design philoso-

phy, with under-designed foundation, "inviting" the plastic “hinge” into the soil (Anastasopou-

los et al. 2010). The two alternatives are then subjected to an artificial accelerogram appro-

priately calibrated so that both systems would exhibit the same spectral response in a linear 

elastic regime, allowing thus the seismic performance of the two systems to be achieved on a 

"fair" basis. Key performance measures of the systems are then compared, such as: accelera-
tions, spectral response, displacements, pier base rotations and settlements. It is shown that se-

paration of the caisson from the supporting soil and extensive soil plastification contribute bene-

ficially to the seismic performance of both the foundation and the superstructure. 
 

Keywords: Caisson foundations; Dynamic soil-structure interaction; Soil capacity mobilization; 

Seismic performance measures 
 



opposite of conventional capacity design (in which plastic "hinging" is restricted to the supe
structure, thus underestimating the effect of soil and foundation). 
 
To unravel the effectiveness of the new design philosophy (compared to conventional capacity 
design), a simple but realistic bridge structure founded on caisson foundation is used as an e
ample. Two configurations are analysed and compared: (a) the first comprises a 8 m pier 
founded on a rigid cubic caisson, and (b) the second consists of a 33 m pier founded on a similar 
caisson, corresponding to a conventionally and an un
tively. Both systems are subjected to an artificial acceleration time history imposed at the base. 
This artificial seismic excitation is appropriately calibrated in a way that the spectral acceler
tion of a 1-DOF oscillator placed at the surface remains constant 
cies, practically unaffected by the dynamic characteristics of the soil
fective fundamental period). The analysis methodology will be explained thoroughly in the 
sequel.  
 
Evidently, it is shown that allowing plastic hinging at the foundation restricts the loading tran
mitted onto the superstructure, but without avoiding the increase of earthquake
tion settlements and rotations. Overall, however, the new design approach provides substantially
larger safety margins. 

PROBLEM DEFINITION AND ANALYSIS METHODOL

Problem definition and model description  

The studied problem is portrayed in Fig
caisson of side h = 10 m in a 20 m thick 2
with Su = 65 kPa at the upper 6 m and Su = 130 kPa at the lower 14 m. The two alternative d
sign approaches, conventional and un
heights. In both cases the concentrated mass of the deck, m
factor of safety in both systems FS

Fig 1. Overview of the finite element modeling: 3D conditions are assumed, taking accou
ticity and soil–caisson interface.  
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The problem is analysed with the use of the advanced Finite Element code ABAQUS. Both 
caisson and soil are modeled with 3
ter. The mass-and-column superstructures are modeled as single degree of freedom oscillators. 
The caisson is connected to the soil with special contact surfaces, allowing for realistic simul
tion of possible detachment and sliding at the soil
stable time increment without jeopardizing the accuracy of the analysis, we modified the default 
hard contact pressure-overclosure relationship with a suitable exponential relationship. The soil 
stratum reaches 10 m deeper than the ca
sponse. To ensure uniform stress distribution at the head of the caisson, the nodes of the ass
ciated elements are properly kinematically constrained. Inelastic soil behaviour is described 
through the Von–Mises yield surface with nonlinear kinematic hardening and an associative 
plastic flow rule. The model of ABAQUS is calibrated using the methodology proposed by 
rolymos et al. (2005), Gerolymos (2006)
taken equal to 5% between the eigenfrequency of the soil deposit and the dominant frequency of 
the earthquake ground motion. Appropriate kinematic constraints are imposed to the lateral 
edges of the model, allowing it to move as the free field (
 
The column heights associated with the two alternative design approaches, are calculated as i
lustrated in Figure 2: 
•  For a specific vertical force at the head of the caisson, the moment (
interaction diagram is produced, corresponding to the failure envelope (in 

HQM ⋅= , the interaction between 
above the pier base (H) that leads to failure for a give
envelope corresponds to a safety factor for seismic loading FS
presented normalized with respect to the pure moment capacity 
and the pure horizontal capacity 
•  Given the mass of deck, m = 2700 Mg, and the design spectral acceleration, Sa = 0.6 g, the 
pseudo-static pier base shear force, 
Q / Qu = 0.4 .  
•  Having calculated Q / Qu, the respective moment, 
resulting further in a pier height H 
•  Given the pier height for FSE

conventional capacity design, resulting from a FS
dered in the spirit of the new philosophy, designed with a FS
designed pier). In fact, as it will 
design seismic action to develop. Hence, FS
case; it is just an apparent temporary factor of safety.   

Fig 2. Failure envelope of the soil–
umn heights.  
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taken equal to 5% between the eigenfrequency of the soil deposit and the dominant frequency of 
the earthquake ground motion. Appropriate kinematic constraints are imposed to the lateral 
edges of the model, allowing it to move as the free field (Giannakou et al. 2010). 
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The pier is modeled with 3-D linear elastic beam elements having properties of concrete. The 
cross-section of the pier is calculated so that the elastic (fixed-base) vibration period Tst = 0.6 
sec, for both cases, deliberately larger than the first natural period, T = 0.41 sec, of the soil pro-
file used in the analysis. In this way spurious oscillations at the boundaries of the model are li-
mited as a result of a destructive interference (existence of a cut-off period for radiation damp-
ing equal to the first natural period of the soil profile) of the outward spreading waves 
(Gerolymos and Gazetas 2006, Gerolymos et al. 2008). This results in a solid cylindrical section 
with a diameter of d = 3 m for the conventionally designed pier (H = 8 m) and a hollow section 
of d = 8.5 m and thickness t = 1.5 m for the un-conventionally designed pier (H = 33 m).       

Methodology 

The seismic performance of the two alternatives is investigated through nonlinear time-history 
analysis. It should be highlighted that in most published earthquake response analyses the ex-
amined systems are subjected to a variety of seismic motions to capture the interplay between 
the exciting dynamic characteristics (e.g. dominant periods, frequency content, PGAs, sequence 
of pulses) and the vibrational characteristics (natural, Tst, and effective fundamental period, Ts) 
of the structures. This paper, however, follows a methodology in which both systems are sub-
jected to an appropriately calibrated seismic motion, so that their effective fundamental periods 
Ts fall within a plateau of constant spectral accelerations, thus eliminating the aforementioned 
interactions. Having, in this way, removed any bias of the response mechanisms on the dynamic 
properties, we may focus on the main question posed in this study, whether plastic mobilization 
of soil is beneficial or detrimental, and compare the two alternatives on a "fair" basis. The pro-
cedure, also schematically illustrated in Figure 3, consists of the following steps: 
 

1) A real accelerogram (also denoted as "natural" record) is selected as seismic excitation for 
both systems. In this paper the one recorded at Sakarya during 1999 Turkey earthquake is used. 
(Fig. 3a). 

2) The "natural" record is then used as base excitation in a one-dimensional wave propagation 
analysis of the 2-layer soil profile and the free-field (top of soil profile) acceleration time-
history (Fig. 3c) along with the respective response spectrum are derived. This spectrum is then 
compared with an artificial target response spectrum (Fig. 3d), which, in our case, resembles a 
typical code design spectrum, having a plateau in Sa = 0.6 g for a wide range of periods (0.2 to 
1.6 sec; it will be shown that the effective periods Ts of both over and under-designed systems 
fall into this specific range). 

3) Within a heuristic optimization procedure (trial and error technique), the base excitation is 
back-calculated by deconvoluting the calculated free-field motion, until the response spectrum 
matches the target. Upon matching, the new modified motion is used as the base seismic motion 
for the 3-D analyses of both systems (Fig.3b).  

The process remains independent of the selected "natural" accelerogram.                

 

ANALYSIS : RESULTS AND DISCUSSION  

The comparison of the performance of the two design alternatives subjected to the artificial ac-
celerogram is presented in Figures 4–7, in terms of acceleration and displacement time–

histories, deck "floor" response spectra, pier base moment–rotation and settlement–rotation. 

The acceleration time–histories calculated at the deck are presented in Fig. 4a. Even though both 

systems were subjected to a design spectral acceleration of Sa = 0.6 g (Fig. 4c), the response of 

the under-designed (H = 33 m) system is significantly smaller, reaching a maximum of a = 0.3 

g, in accord with the design seismic factor of safety FSE = 0.7, than for the over-designed (H = 8 
m, FSE = 2.0) where the full seismic action is developed (a = 0.6 g). This is the first evidence 

that mobilization of soil capacity hinders the development of the design seismic action, which is 

further demonstrated in the substantial decrease in the “floor” spectral accelerations at the mass 
of the superstructure (i.e., the spectral accelerations of the computed motion of the superstruc-

ture mass) in the under-designed case, as depicted in Fig. 4b.  

 



 
Fig 3. Schematic illustration of the methodology for calculating the artificial accelerogram used in the 
dynamic analysis of both alternatives.  

 

The effective periods due to soil–structure–interaction effects, Ts, of the alternatives were de-

rived from the free oscillations at the end of each shaking, resulting in Ts = 0.8 sec for the over-
designed and Ts = 1.5 sec for the under-designed system (Fig. 4a), both falling within the range 

of the target spectrum plateau, Sa = 0.6 g. The main prerequisite for the validity of our metho-

dology is thus met. 

 
Fig 4. Comparison of the response of the two alternatives subjected to the artificial accelerogram. (a) Ac-
celeration time–histories at the deck mass, with the respective effective periods Ts. (b) Response spectra 
of the motion of the mass. (c) Computed free-field and target response spectra used for the dynamic ana-
lyses.  

 
 



The time histories of deck horizontal displacement, i.e. the drift, for the two alternatives are 
compared in Figure 5. As graphically illustrated in the adjacent sketch notation, the drift has two 
components (see also Priestley et al. 1996): (i) the "rigid drift" Urigid = θH, i.e. the displacement 
due to motion of the caisson as a rigid body, and (ii) the "flexural drift", i.e. the structural dis-
placement due to flexural distortion of the pier column. Both Urigid and Uflex are presented nor-
malized with the respective maximum total displacement, Utotal_max. This way, the contribution 
of pier flexural distortion and caisson rotation to the final result of interest (i.e. the total drift) 
can be inferred. As might have been expected, for the conventional design (over-designed foun-
dation) the drift is mainly due to pier distortion Uflex, and thus increased structural distress. Ex-
actly the opposite is observed for the under-designed foundation of the new design philosophy: 
the drift is mainly due to foundation rotation Urigid, causing less seismic loading on the pier but 
increased total displacements due to soil yielding. Nevertheless, the total residual displacement 
for the new concept might be slightly larger, but quite tolerable: Uresidual ≈ 5 cm (compared to ≈ 
0.5 cm for the conventional). In a nutshell, choosing to design a bridge pier unconventionally 
could substantially reduce the cost but would also demand appropriate provisions to accommo-
date for the increased seismic displacements 
 

 
 

Fig 5. Comparison of the response of the two alternatives. (a) Time–histories of the "rigid–body" drifts 
normalized with the respective maximum total drift . (b) Time–histories of the flexural drifts normalized 
with the respective maximum total drift.  

 
In Figure 6a the comparison is portrayed in terms of the foundation experienced moment–
rotation (M–θ). As expected, while the conventionally designed foundation experiences limited 

inelasticity (Fig. 6a2), the under-designed foundation (new design philosophy) behaves strongly 

inelastic (Fig. 6a1). Since both piers were modeled for elastic behavior, the main difference be-

tween the two alternatives lies in the mechanism of energy dissipation due to soil yielding. 

However, energy dissipation is not attainable at zero cost: in our case the cost is the increase of 

foundation settlement. Fig. 7b compares the settlement–rotation (w–θ) response for the two al-

ternatives. The conventionally designed system is subjected to a practically elastic settlement w 

≈ 3 cm (Fig. 6b2). In marked contrast, the under-designed system of the new philosophy expe-

riences larger but quite tolerable dynamic settlement: w ≈ 10 cm (Fig. 6b1). Moreover, despite 

the excessive soil plastification, not only the structure does not collapse, but the residual (per-
manent) rotation is rather limited (as already attested by the residual deck drift), providing fur-

ther evidence that mobilisation of soil capacity failure acts as a “safety valve” for the superstruc-

ture.  
 



 
Fig 6. Comparison of the response of the two alternatives. (a1), (a2) Overturning moment–rotation (M–θ) 
response. (b1), (b2) Caisson settlement–rotation (w–θ) response.  

 

Figure 7 compares the response of the two alternatives in terms of plastic shear strain contours 

at the end of the shaking. In the conventionally designed system (Fig. 7b) there is very little in-
elastic action in the soil, concentrated mainly at the top and bottom of the caisson. In contrast, 

the new design scheme (Fig. 7a) experiences rather extended “plastic hinging” in the form of 

mobilization of passive–type soil failure in front and back of the caisson accompanied by gap 

formation and sliding in the sides (deformation scale factor = 20). 

 

Fig 7. Contours of plastic shear strain at the end of shaking for both alternatives (deformation scale fac-
tor = 20).  
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1 CENTRIFUGE LATERAL CYCLIC LOAD PILE EXPERIMENTS   

Three centrifuge tests on a single pile subjected to cyclic horizontal loading were performed 
by Rosquoёt et al (2004) at Laboratoire Central des Ponts et Chaussées (LCPC). The centrifuge 
models were 1/40 in scale and involved pile head loading with three different force time histo-
ries. The loading time histories were: i) 12 cycles from 960 kN to 480 kN (test P32) ii) 12 
cycles from 960 kN to 0 kN (test P344) iii) 6 cycles from 960 kN to -960 kN (test P330). The 
experimental set up and the loading time histories (in prototype scale) are portrayed in Figure 1. 

The cyclic lateral load tests were conducted on vertical friction pile placed in a sand mass of 
uniform density. The Fontainebleau sand centrifuge specimens were prepared by the air sand-
raining process into a rectangular container (80 cm wide by 120 cm long by 36 cm deep), with 
the use of a special automatic hopper developed at LCPC (Garnier, 2002). The desired density 
of the dry sand was obtained by varying three parameters: a) the flow of sand (opening of the 
hopper), b) the automatically maintained drop height, and c) the scanning rate. Laboratory re-
sults from drained and undrained torsional and direct shear tests on Fontainebleau sand recons-
tituted specimens indicated mean values of peak and critical-state angles of φp = 41.8

ο
 and φcv = 

33
ο
, respectively. Figure 1 depicts the idealized small strain shear modulus Go used. Evidently, 

in this dense sand the pile used may be considered as flexible. The model pile at scale 1/40 is a 
hollow aluminum cylinder of 18 mm external diameter, 3 mm wall thickness, and 365 mm 
length. The flexural stiffness of the pile is 0.197 kN m

2
 and the elastic limit stress of the alumi-

num is 245 MPa. The centrifuge tests were carried out at 40 g.  
The instrumentation included two displacement sensors, located at the section of the pile 

above the ground surface, and 20 pairs of strain gauges, positioned along the length of the pile 
so that the bending moment profile M(z) could be measured during the tests. The resultant earth 
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ABSTRACT: To gain insight into the inelastic behavior of piles, the response of a vertical pile 

embedded in a dry dense sand and subjected to cyclic lateral loading was studied experimental-

ly in centrifuge tests conducted in Laboratoire Central des Ponts et Chaussees. A three-

dimensional finite element analysis with the use of a new constitutive model for the cyclic be-

havior of sand was performed in order to capture the cyclic response of the single pile. Perfor-

mance measure parameters were introduced to evaluate the overall response of the pile-soil sys-

tem indicating that the proposed model is suitable for the prediction of the lateral response of a 

pile under cyclic loading and the domination of the mechanism of “system densification” upon 

soil densification in cyclic loading. The response of an 1x2 pile group under cyclic lateral load-

ing is also investigated showing that the model is capable of representing the shadow effect of 

the pile group. 

 



pressure p = p(z), per unit length along the pile, was obtained by double differentiation of M(z) 
as established by Matlock and Reese (Reese and Van Impe, 2001). The strain gauges were 
spaced at 0.6 m in prototype scale starting from the ground level to the pile tip. This single pile 
was driven into the sand at 1 g before rotating of the centrifuge. In flight, the single pile was 
subjected quasi-statically to horizontal cyclic loading through a servo-jack connected to the pile 
with a cable. With such a configuration the pile head is not submitted to any parasitic bending 
moment. The test results were obtained in the form of horizontal force-displacement time histo-
ries at the head of the pile, as well as of bending moment along the pile. 
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Figure 1. Experimental setup of the centrifuge tests conducted in LCPC and load time histories of the three 
tests (P32, P344 and P330). All dimensions refer to the modeled prototype 

 

 

Figure 2. Shape of yield criterion of the proposed constitutive model 



 

2 FINITE ELEMENT MODELING   

The above mentioned centrifuge tests were modeled numerically in 3D using the finite element 
code ABAQUS. The pile is assumed to be linear elastic while the cyclic soil behavior is de-
scribed via a nonlinear constitutive law with kinematic hardening law and associated plastic 
flow rule. Approximately 43000 elements were used for each analysis. The soil is modeled with 
8-node brick elements while the pile is modeled with 3D beam elements placed at its center and 
connected with appropriate kinematic restraints with the nodes at the perimeter of the pile in 
order to model the complete geometry of the pile. The solid elements inside the perimeter of the 
pile have no stiffness. In this way, each pile section behaves as a rigid disc: rotation is allowed 
on the condition that the disc remains always perpendicular to the beam axis, but stretching 
cannot occur. 

3 CONSTITUTIVE SOIL MODEL 

Soil behavior is modeled through a constitutive model with nonlinear kinematic hardening and 
associated plastic flow rule. The evolution law of the model consists of two components: a non-
linear kinematic hardening component, which describes the translation of the yield surface in 
the stress space (defined through the back-stress α), and an isotropic hardening component, 
which defines the size of the yield surface σ0 at zero plastic deformation. The kinematic har-
dening component is defined as an additive combination of a purely kinematic term (linear 
Ziegler hardening law) and a relaxation term (the recall term), which introduces the nonlineari-
ty. The model incorporates two hardening parameters C and γ that define the maximum transi-
tion of the yield surface, and the rate of transition, respectively. A user subroutine is imported 
in ABAQUS, which relates the model parameters to the principal stresses and the Lode angle at 
every loading step. Incorporating the Lode angle effect allows for significant accuracy in three-
dimensional shear response environments. The yield surface of the proposed constitutive model 
is determined to fit the Mohr-Coulomb failure response in a triaxial loading test for both com-
pression and extension conditions assuming linear interpolation for the intermediate stress 
states. For this reason, the parameter k is introduced which is a function of Lode angle and 
takes values from 0 to 1. k=0 corresponds to pure triaxial extension conditions and k=1 to pure 
triaxial compression conditions. In summary, the constitutive model parameters are calibrated 
to match the Coulomb failure criterion on the principal stresses plane for every apex of the hex-
agon with the smooth envelope of Figure 2. 

The distribution of Young’s Modulus varies parabolically with depth according to:  

 0
100

m

vC E E
σ 

= =  
 

  (1) 

where E0 is the reference Young’s Modulus, σv the vertical stress and m a parameter that de-
fines the distribution of E with depth. E0 is equal to 192000 kPa and m is equal to 0.5 according 
to the calibration performed by Gerolymos et al (2009). The hardening parameter γ, which is a 
function of the internal friction angle, was calibrated to correspond to a critical-state friction 
angle φcv = 33

ο
. The constitutive model parameters E0, m and γ were calibrated only to predict 

the recorded “force – displacement” curve at the head of the pile from the strain gauges for the 
12 cycles of loading of test P32. 

4 NUMERICAL SIMULATION  

The model is then used to simulate test P344 where the single pile is subjected to one-way cyc-
lic load with maximum horizontal force 960 kN and minimum horizontal force 0 kN. Subse-
quently it is applied to predict the response of an 1x2 pile group subjected to the same average 



horizontal cyclic loading. It should be noted that the applied loads always stay in the domain of 
service loads. Bending moment, shear force and soil reaction profiles were compared, but due 
to lack of space, only the results for the bending moments are presented herein. 

4.1 Simulation of single pile 

The computed force-displacement curve at the pile head is compared to the experimental data 
in Figure 3 for the 12 cycles of loading. In one way cyclic loading, the pile displacement in-
creases as the number of cycles increases. In this figure it is observed that the model is capable 
of predicting the plastic shakedown response of the pile. This plastic shakedown response is the 
resultant of the following two mechanisms: (a) Soil densification due to the reduction of voids, 
and (b) “System densification” due to the gradual extension of the resisting soil mass, towards 
greater depths with cyclic loading. Only the second mechanism is captured by the proposed 
model. Despite the small discrepancy in the residual displacement at the pivot point of each un-
loading phase, the comparison is quite satisfactory.  
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Figure 3. Experimental and Computed Force – Displacement curve at pile head for single pile  
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Figure 4. Comparison of computed and recorded bending moment distributions for test P344 at two dif-
ferent stages of  loading : a) at the 1

st
 cycle, and b) at the 6

th
 cycle. The maximum applied load is 960 

kN and the minimum load is 0 kN. 
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Figure 5. a) Normalized tangent stiffness with respect to the first cycle of loading, b) Normalized secant ho-
rizontal pile stiffness with respect to the first cycle of loading, c) Relative pile-head displacement between 
two consecutive re-loading–unloading  reversal points normalized with the one between the loading-
unloading and the first re-loading – unloading reversal points 

 



Figure 4 compares the bending moment profiles at the first and sixth cycle of loading. In 
general, the agreement between the measured and the computed curves is quite satisfactory. 
The model predicts well the shape of the moment distribution and the increase of the bending 
moments with the increase of the number of cycles both for loading and unloading of the pile. 
The model is also capable of simulating the depth of the maximum bending moment both for 
loading and unloading conditions as well as the shift of the maximum bending moment at a 
higher depth as the number of cycles increases. The discrepancy in the unloading phase is attri-
buted to that the developed soil constitutive model cannot reproduce soil densification. 

Three performance measure parameters where introduced to evaluate the overall response of 
the pile-soil system. Figure 5a depicts the tangent stiffness at each unloading-reloading reversal 
point divided by the tangent stiffness at unloading-reloading reversal point of the first cycle, 
which is indicative of the elastic response of the pile. It is interesting to observe that the com-
puted tangent stiffness remains constant for the proposed model described above, unaffected by 
cyclic loading, while the measured tangent stiffness increases in test P344. This increase in the 
measured tangent stiffness is attributed to soil (material) densification during cyclic loading, an 
effect that is not simulated by the utilized soil constitutive model and which prevails in the elas-
tic response of the pile.  

Figure 5b presents the secant stiffness between two sequential reversal points normalized by 
the secant stiffness of the first cycle, which is indicative of the overall response of the pile dur-
ing cyclic loading. It is worthy of note that both the computed and the measured secant stiff-
nesses increase with the number of cycles. Given that the system densification is captured nu-
merically, the difference between measured and computed response is only attributed to soil 
densification.  

Figure 5c presents the relative pile head displacement between two consecutive re-loading–
unloading  reversal points normalized with the one between the loading-unloading and the first 
re-loading – unloading reversal points. The pile displacement at pivot points increases in the as-
symetric cyclic loading with a decreasing rate and the pile finally reaches a zero-plastic strain 
rate equilibrium. It is observed that the computed versus measured response is in well agree-
ment, implying that the mechanism of “system densification” dominates upon that of soil densi-
fication.  

4.2 Simulation of 1x2 pile group 

Having compared and validated the proposed constitutive model with the analysis of a single 
free-head pile under lateral cyclic loading in nonhomogeneous sand, the effects of lateral cycl-
ing loading on a 1x2 pile free-standing free-head pile group are investigated. The piles, located 
at a distance of three diameters, are parallel to the load direction. The pile heads are hinged (ze-
ro bending moment) to the pile cap via appropriate kinematic constraints which ensure the di-
aphragmatic action towards the loading direction. 
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Figure 6. Force – Displacement curve of the single pile and the pile group for the loading of test P344  
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Figure 7. Comparison of computed bending moment distributions of the pile group and the single pile for test 
P344 at two different stages of  loading : a) at the 1

st
 cycle, and b) at the 6

th
 cycle. The maximum applied 

load is 960 kN and the minimum load is 0 kN. 

 
 
The pile group is subjected to an asymmetric cyclic lateral loading similar to that of test 

P344 but with double amplitude (1920 kN). Figure 6 plots the average force per pile versus 
group displacement and compares it with the corresponding force-displacement loop of the sin-
gle isolated pile. For the same average load, the group displacement is greater than that of the 
solitary pile. This behavior is attributed to that the passive failure zones of the piles in the group 
tend to overlap (shadow effect) as the lateral load increases, thus reducing the average soil re-
sistance on the piles in the group. The shadow effect becomes more dominant with decreasing 
pile-to-pile distance. As in the case of the free-head single pile, the group displacement increas-
es at a decreasing rate with the number of cycles finally reaching a plastic shakedown equili-
brium. Interestingly, the force-displacement loop of the pile group is wider than the correspond-
ing of the single isolated pile, implying greater soil plastification. 

Figure 7 depicts the detailed distribution of bending moments with depth along each pile in 
the group computed for different stages of loading. Comparison is given with the respective re-
sults from the analysis of the single isolated pile. As in the case of the single pile, it is observed 
that the maximum bending moment increases with the number of cycles and shifts to greater 
depths following the progressive extension of soil yielding for both piles of the group. Further-
more, the leading pile develops the largest bending moment in comparison to both the trailing 
and the single pile which shows an intermediate response. The discrepancy in the bending mo-
ment distribution between the trailing and the leading pile is attributed to the shadow effect. Fi-
nally, upon unloading, and for zero applied lateral force, the bending moments are not zero, in-
stead they retain large values comparable to those for the maximum applied load. This 
reduction in the maximum values is about 40% for the bending moments. It should be noted, 
that in the case of a linear soil all the aforementioned quantities would vanish to zero, as soil 
elasticity would act as a restoring force for the pile.  
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Figure 8. Cross-section of the model with the contours of the active and passive stress states in terms of 
the state parameter k at three different stages of loading of the single pile and the pile group: a) at the 1

st
 

cycle at 960 kN, b) at the 12
th

 cycle at 0 kN, and c) at the 12
th

 cycle at 960 kN. k = 1 corresponds to pure 
triaxial compression loading condition (passive state), and k = 0 to pure triaxial extension loading condi-
tion (active state) while k ≈ 0.5 sets the boundaries between the active and the passive state. (Deformation 
Scale Factor = 5) 

 
  
Figure 8 depicts the contours of the active and passive stress states in terms of the state pa-

rameter k at three different stages of : a) at the 1st cycle at 960 kN, b) at the 12th cycle at 0 kN, 
and c) at the 12th cycle at 960 kN for the single pile and the pile group. k = 1 corresponds to 
pure triaxial compression loading condition (passive state), and k = 0 to pure triaxial extension 
loading condition (active state) while k ≈ 0.5 sets the boundaries between the active and the 
passive state. It is interesting to observe that the plastic shakedown effect on the single pile is 
reflected by the gradually developing fan-shaped stress bulb, the frontal part of which 
represents the mobilized soil mass that is in a passive state and expands with increasing cycles 
of loading, while the trailing part corresponds to the mobilized soil zone that is in an active 
state and shrinks with increasing number of cycles. The larger the bulb of “passive” stresses the 
greater the lateral soil reactions that resist the applied load, and finally, the pile reaches a steady 
state equilibrium of constant plastic strain (plastic shakedown). For the case of the pile group, 
the gradual expansion of the compression stress bulb with number of cycles signals the plastic 



shakedown process until the pile group reaches a steady state equilibrium of constant plastic 
strain. The shadow effect is manifested by the formation of a relaxation zone (k = 0) at the back 
of the leading pile which softens the response of the trailing one.  
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Figure 9. Comparison of efficiency factors of the numerical analysis with the efficiency factors proposed 
by Reese and Van Impe. 

 
 
Finally, Figure 9 compares the efficiency factors of the piles (should not be confused with 

pile-to-pile interaction factors) calculated with the constitutive model and proposed by Reese 
and Van Impe (2001). It is interesting to observe, that the calculated efficiency factors converge 
to those of Reese and Van Impe (2001) at very large pile head displacements, with a small dis-
crepancy for the leading pile which shows to recover its initial stiffness (ηl ≈ 1), a hardening re-
sponse which may be attributed to the plastic shakedown effect. On the contrary, the computed 
efficiency factor for the trailing pile decreases with increasing horizontal displacement, as a re-
sult of the shadow effect, but at decreasing rate due the plastic shakedown induced hardening 
response of the pile group (reaching a minimum value of (ηt ≈ 0.7). 

Of equal, if not more, interest is that at zero and/or very small pile displacements (elastic re-
sponse), all the three computed efficiency factors (for the leading pile, the trailing pile and the 
pile group) are very close to 1 (≈ 0.97), implying that pile-to-pile interaction has an insignifi-
cant effect on the elastic response of the pile group. This could possibly suggest a “destructive” 
interference in pile-to-pile interaction rather than that pile-to-pile interaction factors are zero 
(which are certainly not, according to valid published results, e.g. Mylonakis and Gazetas 
1998). The negligible pile-to-pile interaction effect is also evident in Figure 6 which compares 
the computed force-displacement response of the single pile and the pile group. 

5 CONCLUSIONS 

A simplified constitutive soil model for the static and cyclic response of piles embedded in 
cohesioneless soil was materialized into a three-dimensional finite element code. The model 
predictions were compared with experimental results of a single pile in dry sand, and subse-
quently it was applied at a pile group of two piles with similar geometric characteristics and 
soil conditions to those of the experimental tests. The main conclusions are: 



• The plastic shakedown response of both the single pile and the pile group is mostly attri-
buted to the so-called “system” densification rather than to cyclically-induced soil densifica-
tion. 

• During cyclic loading, the mechanism of “system” densification dominates upon soil den-
sification with the contribution of the latter to the macroscopic response of the piles (or pile 
group) being rather insignificant. 

• The formation of a relaxation zone at the back of a leading pile (in the pile group) signifi-
cantly reduces the lateral soil resistance on the trailing pile. This behavior, well-known in the li-
terature as “shadow effect” is more prominent at large pile deformations. 

• The efficiency factor of the leading pile decreases with increasing pile displacement but at 
extremely large deformations recovers if not overpasses its initial (zero-amplitude) strain value. 
On the contrary, the efficiency factor of the trailing pile decreases monotonically with loading, 
but at a decreasing right, finally reaching an asymptotic value. 

• The asymptotic values of all three efficiency factors (for the leading pile, the trailing pile 
and the pile group) compare well with those by Reese and Van Impe, 2001.  
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1   INTRODUCTION: THE MAJOR PROJECT 

A significant project is heading to the final stage of  planning ― architectural, static,             
geotechnical, hydraulic and electromechanical: the Cultural Center of Stavros Niarchos Founda-
tion  located in the Athens coastal, covering approximately 200,000 square meters. The cultural    
center will include two interconnected buildings, the "National Opera" and the "National        
Library", and a theme park of grand expanse. The park will be developed on a manmade hill 
(landfill) of mild slope which culminated in an almost vertical edge 15m high, a small distance 
from the   Library. Figure 1 shows a section of the hill, its vertical edge and the Library. Being 
the conception of the famous architect RENZO PIANO (the architect of the Kansai airport         
terminal), the entire center and its facilities is planned to be in excellent harmony with the     
upgraded environmental surroundings and will consist a model of energy efficiency and econo-
my in the use of water resources. The seismic design of the structural components of the project, 
including seismic isolation systems, is of equal importance from an engineer's point of view. 

The stability of the practically vertical slope was one of the most interesting and challenging 
geotechnical issues, not only due to its significant height (15m), but also due to the precarious 
foundation soil, which comprises silty sand layers loose enough to be considered liquefiable. 
Moreover, because of the close proximity of the retaining wall to the library through an exit 
zone only 10m wide, the seismic motion for the design of the wall was chosen to be sufficiently 
high corresponding to a return period of 1000 - 2000 years ― as in the case of the two buildings 
(Library and Opera).  

The lack of space also led to the solution of an reinforced - earth retaining wall for the support 
of the vertical verge of the park hill. The current paper sheds light to the major findings          
regarding the seismic stability and the deformation of landfill – retaining wall – soil system, 
through dynamic effective stress analyses. 
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ABSTRACT: The seismic response of a 15 m high reinforced-earth retaining wall on top of a 
soil deposit containing liquefiable soil layers is explored with effective-stress dynamic time   
history analyses. The simultaneous generation and dissipation of seismic excess pore-water     
pressures (EPWP) is reproduced in the analysis. The need for, and effectiveness of, soil         
improvement with 60 cm stone columns placed in a triangular configuration is demonstrated 
with a series of graphs. Improvement results from both the increased rate of EPWP dissipation 
and, mainly, the increased stiffness/strength of the system. 



2   NUMERICAL MODELING 

2.1   Two-dimensional modelling of stone columns 
 

In the framework of the present study, the numerical simulation of the stone columns was     
performed assuming plane strain conditions. Several methods have been developed in the         

literature to convert the axismmetric unit cell to the equivalent plane strain model in terms of 

drainage (permeability) and bearing capacity (column stiffness). The method that was followed 
in this study has been proposed by Indraratna and Redana (1997) and validated by Tan, Tjahyon 

and Oo (2008). 

According to this method, the total cross-sectional area of one column and its surrounding 

soil are preserved in both conditions (Figure 2). The plane-strain column width is given by the 

following relationship based on the equivalence of area replacement ratio: 

 

                                                                      �� � �
��

�

��
     (1) 

 

The relationship between R and B may be given by the following equation based on the   
equivalence of total area for a square pattern of columns (Barron 1948): 

 

                                                                     R = 1.13B     (2) 

 

Given that the replacement ratios and the Young's moduli of the soil are equal for              

axisymmetric and plane strain conditions (	
,���� �  	
,���
 and �
,���� �  �
,���
), the plane 

strain  column stiffness is the same with the axisymmetric one (��,���� �  ��,���
). The plane 

strain soil permeability is taken equal to its axisymmetric counterpart, i.e., ��,���� �  ��,���
  

and ��,���� �  ��,���
 . This method thus retains the axisymmetric material properties for the 

plane strain geometry. 

The validity of these approximations has been tested in two stages by Tan, Tjahyon and Oo 

(2008): comparison of unit-cell simulations and comparison with the field data from an         
embankment case history. It was shown that they reproduce well the 3D behaviour of stone   

columns. 

In this study, the two-dimensional modeling of the stone columns has been based on the 

above method. The actual stone column configuration in the field close to the Library consists 

of a triangular grid of stone columns with diameter 0.60m and spacing 2m, covering a width of 

16m under and slightly beyond the wall (Figure 2). The spacing of 2m was preserved in the   

numerical simulation. 

 
 

2.2   Dynamic numerical analysis 
 
The goal of this study is to investigate the behavior of the earth retaining wall under seismic 

conditions with and without stone columns. The actual stone column configuration in the field 
close to the Library consists of a triangular grid of stone columns with diameter 0.60m and 

spacing 2m, covering a width of 16m under and slightly beyond the wall (Figure 3). The spacing 

of 2m was preserved in the numerical simulation. Thus, for B = 2 m and rc = 0.30m, the   
equivalent width of the stone columns in the plane strain model becomes 0.14m (bc = 0.07m) 

using Equation (1).  

In total, two categories of dynamic analyses in terms of effective stresses were conducted, us-

ing the finite difference code FLAC (Itasca, 2005): 

• with stone columns (Figure 4) 

• without stone columns. 



In particular, Figure 4 illustrates the soil profile with stone columns and the points of          
recording the excess pore pressure time histories in the dynamic analyses. These points were 

kept the same for the analyses without the stone columns to directly compare the results from 

the two categories of analyses. Figures 5 and 6 present the permeability values of the soil layers          
assigned to the numerical models with and without stone columns. The seismic input motion at 

the base of the models is shown in Figure 7. The simulation involves the constitutive law of 

Byrne (1991) for pore pressure generation which is incorporated in the standard Mohr-Coulomb 

plasticity model. 

 

3   BEHAVIOUR OF EARTH WALL WITH AND WITHOUT STONE COLUMNS 

In both cases (with and without stone columns), the deformation pattern of the soil – wall        

system is similar, by the displacements are considerably larger if no stone columns are installed. 

The displacement vectors in Figure 8 indicate the outward rigid-body movement and rotation 

around the toe of the wall of the reinforced part of the fill (which was modeled to behave     

elastically). This is accompanied by large displacements deep in the soil under the wall, tending 

to form an almost circular failure mode. In particular, the maximum horizontal wall               

displacement at the top is 23 cm with stone columns and 37 cm without stone columns (Figure 
9).  

The distribution in space and time of excess pore water pressures (EPWP) is portrayed in 

Figures 10 - 14. It is evident that both the dense and the medium sand exhibit similar response 

in the two cases. The excess pore pressures are dissipated at the same rate within the "critical" 

zone (below the earth wall), thanks to seepage of pore water towards the toe of the wall, which 

occurs regardless of the presence or not of stone columns (Figures 10 and 11).  This flow path 

towards the toe of the wall stems from  the difference of the overburden stress and consequently 

of the excess pore pressure developing in the free field (no fill on top) as opposed to the soil   

below the fill. Thus the water pressures developing below the landfill are much higher than 
those in the free field. This difference which is very profound at the boundary of the wall,       

results in the above described water flow (from high pressures to lower ones). 

Away from the "critical" area, the silty sand experiences more or less the same response in 
terms of EPWP generation. However, the dissipation of EPWP is understandably more pro-

found with stone columns (Figures 13 and 14). This offers a rather clear evidence of a beneficial 

role of the stone columns. In addition, the increased stiffness of the foundation soil due to the 
presence of stone columns reduces significantly the outward movement of the earth retaining 

wall. 

 

4.   CONCLUSIONS 

Improvement of the ground underneath the reinforced-earth walls which form the terminal 

boundary of the hill, was necessitated from the large height of the wall (up to 15 m) and the 

presence of soft and / or liquefiable soils in the supporting ground. “Stone-columns” have 

emerged as the likely choice to provide increased stiffness/strength in the foundation and help in 

rapidly dissipating “deleterious” seismic excess pore-water pressures. The scope of the         

numerical study is to assess the effectiveness of a particular stone column configuration in 

achieving these two objectives. 
To this end, a numerical 2-dimensionsal (2D) seismic response analysis is performed in terms 

of effective stresses. To overcome the serious limitation of plane-strain modeling for the truly 

3D geometry of the stone columns, an approximate equivalence of the axisymmetric flow of a 
single circular stone column with the 2D lateral flow of a single row stone column was          

enforced, along with stiffness compatibility. 



The main conclusion of our study is that thanks to the relatively high permeability of the 

dense sand, medium sand and 

developing during shaking is substantial. The presence of 
es somewhat the rate of dissipation; 

significant improvement of computed wall performance.
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Figure 1. Sketch of the section of the retaining wall at the proximity with the Library.
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Figure 2. Equivalence of axisymmetric and two-dimensional unit cell of a stone column. 

 

 
 

 
 

Figure 3. Stone column configuration below the reinforced earth-wall. 
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Figure 4. Sketch of the soil profile with

pore pressures. 

Figure 5. Illustration of the permeabilities of the soils of the numerical model 

 
with stone columns and illustration of the points of recording of excess 

 

 

 

 

 
Figure 5. Illustration of the permeabilities of the soils of the numerical model with stone columns.
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Figure 6. Illustration of the permeabilities of the soils of the numerical model 

Figure 7. Input ground motion at the base of the numerical models.
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Figure 6. Illustration of the permeabilities of the soils of the numerical model without stone columns.

 

 

 

Figure 7. Input ground motion at the base of the numerical models. 
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stone columns. 

 



 
 

 
Figure 8. Displacement vectors at the end of shaking with and without stone columns. 

 

 
 

 
 

Figure 9. Distribution of horizontal displacements of the wall at the end of shaking with and without stone 
columns. 
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Figure 10. Distribution of maximum and residual excess pore pressure ratios along the dense sand layer 
(Figure 4) with and without stone columns.  

 

 
 

 
Figure 11. Distribution of maximum and residual excess pore pressure ratios along the medium sand layer 
(Figure 4) with and without stone columns.  
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Figure 12. Flow vectors during shaking with (above) and without (below) stone columns. The 

silty sand layer has been colored yellow. 

 

 

 

 
Figure 13. Time histories of excess pore-water pressures at a selected point within the silty sand layer 
(Figure 4) with stone columns (above) and without stone columns (below). 
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Figure 14. Distribution of maximum and residual excess pore pressure ratios along the silty sand layer 
(Figure 4) with and without stone columns.  
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1 INTRODUCTION 
 
The Mw = 6.3 earthquake of February 22 was the strongest seismic event in a series of damag-
ing aftershocks in and around Christchurch after the Darfield earthquake on 4th of September in 
2010. The source of the Darfield earthquake was in a sparsely populated area and thus it caused 
no life losses. Serious damage was mainly due to extensive liquefaction. By contrast, the 
Christchurch earthquake was generated on a fault in close proximity to the city, culminating in 
a death toll of 181 people.  
  The Canterbury Plains are covered with river gravels hiding any evidence of past fault activi-
ty in this region. The newly revealed Greendale fault was therefore completely unknown. Only 
a portion of it was revealed in the ground surface during the Darfield earthquake. Clearly the 
second fault (of February 2011) appears as a continuation of the first, although no fault struc-
ture directly connecting the faults has been recognized.  
  Thanks to a dense network of strong ground motion stations a large number of records have 
been obtained, providing valuable information on the event, and offering the possibility to re-
late damage versus ground shaking. Due to its magnitude, shallow depth and proximity the Feb-
ruary earthquake proved particularly destructive for the Central Business District (CBD) of 
Christchurch, the buildings of which suffered extensive damage. In addition to structural dam-
age due to high spectral accelerations, important soil-related failures have directly affected 
houses and bridges. Apart from the southern part of the city on the hills and the Lyttelton port 
area, the city is built on deep estuarine soil, which has been shaped in the last thousands of 
years with the ever changing riverbed. Fine sands that are the dominant soil type and the high 
ground water level have contributed to widespread liquefaction in each one or both events. Of-
ten accompanied by 'lateral spreading', liquefaction amplified the level of damage, resulting in 
failure of structures in CBD and surrounding areas.  

2 STRONG MOTION RECORDS 
 
Thanks to a dense network of seismographs covering the broader area of Christchurch (Figure 
1) a large number of ground motions were recorded during the Christchurch February 2011 
earthquake. The CBD area includes four seismic stations, i.e. CBGS, CCCC, REHS and CHHC. 
The first three records are truly free-field motions. CHHC was located near the base of a 2-
story building and its motion may bear to some degree the effect of the structure. These ground 
motions may not have been the strongest ones recorded in terms of PGA values; however, due 
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to certain features, their effect on structures or soils was detrimental.  
  There is a certain variation in the recorded acceleration time histories (Figure 1). For in-
stance, the range of PGA values varies within a factor of 2, from 0.34g (CHHC-NS) to 0.72g 
(REHS-EW). A dominant common feature in all records is the sign of liquefaction: long period 
cycles with reduced acceleration amplitudes, occurring after a threshold acceleration has been 
reached. Soil softening due to excess pore water pressures in combination with sufficient acce-
leration values has led to amplification of large periods affecting a broad category of structures, 
as indicated by the acceleration spectra. Especially, the spectral amplification at periods ex-
ceeding 2 sec is attributed to the fact that once liquefaction has occurred, the overlying soil 
'crust' oscillates with very low frequencies, causing the bulges observed in the acceleration 
spectra for periods of about 3 sec (see Youd & Carter (2005) for similar observations from the 
then available liquefaction-affected acceleration spectra).  
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Figure 1. Map of the Christchurch broader area showing the intersection of the fault plane with the ground 
surface (from GNS Science), the location of the accelerograph stations, the epicenter, and the location with 
available soil data. Acceleration time histories and spectra of four CBD (Central Business District) seismic 
stations for NS and EW directions. 

3 POLARITY OF THE RECORDED MOTIONS 
 
The two orthogonal components of a record are usually aligned with North-South and East-
West (Figure 1), or, ideally, if the faults were known, with Fault-Parallel and Fault-Normal, di-
rections. Mathematically there is at least one specific angle at which a certain ground motion 
parameter, such as PGA, PGV or PGD, reaches a maximum, indicating the governing direction 
for that ground motion parameter and revealing a certain polarity of the recorded motion. Polar-
ity plots can be useful in determining the dominant shaking direction of an earthquake and in 
unveiling any directivity effects (Shabestari & Yamazaki, 2003).  
  A first index of intensity is the value of peak ground acceleration (PGA), the spatial distribu-
tion of which is depicted on the map of Figure 2. Additionally, for the records from the four 
CBD 
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Figure 2. Observed polarity for the records in CBD in terms of peak ground acceleration, velocity, displacement. The contours of PGA on the map were computed by in-
terpolation using all records in Christchurch.



stations (i.e. CCCC, REHS, CBGS and CHHC) the maximum peak values of ground accelera-
tion, velocity and displacement are calculated trigonometrically, by varying the angle by 1o be-
tween 0o and 180o, resulting in asymmetric plots of positive and negative maxima (in absolute 
terms). The graphs consistently exhibit distinct polarity in a direction that practically coincides 
with that of the fault line. Knowing the polarity of shaking may offer information on the rupture 
mechanism and insight into the dominant damage observed in the area of CBD. 

4 LIQUEFACTION 
 
The Christchurch urban area, extending from Riccarton in the west to Bexley in the east and 
reaching Heathcote valley and the Port Hills in the south, is located on Canterbury Plains and 
its dominant geomorphic feature is the river floodplains. In particular, the rivers of Avon pri-
marily and Heathcote (secondarily), originating from various springs in western Christchurch, 
form endless meanders through the city and the eastern suburbs, as they head to the estuary near 
the sea. As depicted in Figure 3a, the subsoil in CBD systematically comprises profiles with 
random variations in layering in the upper 15-25 m (Cubrinovsky et. al, 2010; Toshinawa et al., 
1997). The volcanic bedrock is located at an approximate depth of 400 m and emerges on the 
surface at the southern border of Canterbury Plains, forming the Port Hills of Banks Peninsula. 
Thick layers of gravel formations overlay the bedrock (Brown and Webber, 1992). The surficial 
sediments have an average thickness of about 25 m and consist of alternating layers of alluvial 
sand, silt and gravel. They have been deposited by overbank flooding (Eidinger et al., 2010) ― 
hence, their loose disposition. In CBD, in particular, sand and non-plastic silt with low content 
of fines are the dominant soil types (Rees, 2010). The latter feature combined with the high 
ground water level (from 0 to 3 m) below the center of the city, explains the sensitivity to lique-
faction. 
  There is significant variability of soil deposits within short distances that can differentiate 
the ground motion characteristics. For example, Toshinawa et al. (1997) describe the soil pro-
files of two characteristic sites 1.2 km distant, one consisting of only sandy gravels and sand 
close to CBGS seismic station (Figure 1), and the other comprising silt and peat deposits to a 
depth of 7 m close to REHS seismic station. According to the aforementioned paper, during a 
1994 distant earthquake greater amplification was observed at the second site, close to REHS, 
in agreement with the records of February 2011 (Figure 1). However, both sites belong to the 
same broader classification of soft soils (class D) for structural design purposes in the New 
Zealand design standards (NZS 1170.5, 2004). This seems quite reasonable in cases of strong 
earthquakes, where the response of such type of soft mostly sandy soils is expected to be domi-
nated by the effects of severe liquefaction.  
  To investigate the soil response in the CBD urban area during accounting for liquefaction ef-
fects, a typical “generic” soil profile was chosen (Figure 3a). Soil properties have been obtained 
from boreholes conducted close to the Fitzgerald Bridge, situated at the eastern part of CBD 
(see the star sign on the map in Figure 1). Standard Penetration Tests (SPT) values were ob-
tained from Bradley et al. (2009) and Rees (2010). Shear wave velocity, Vs, values were based 
on empirical correlations with SPT (Dikmen, 2009). 
  With the “generic” soil profile defined, dynamic effective-stress analyses were conducted in 
order to capture the excess pore water pressure rise and dissipation, using the finite difference 
code FLAC (Itasca, 2005). The LPCC ground motion recorded on the volcanic outcrop at Lyt-
telton Port was selected as the (outcrop) input motion referred to the base of the gravel forma-
tions (Figure 3b). The presumption that this rock motion (the only one on [soft] rock in the 
area) is a suitable candidate for the base of CBD is only a crude approximation. Because, al-
though, the LPCC and CBD stations have the same distance from the about 65°–dipping fault, 
LPCC lies on the hanging-wall and CBD on the foot-wall of this partly–thrust and partly–
strike–slip fault. The NS and EW components of the LPPC record excited the soil column in 
two different one-dimensional wave propagation analyses. The numerical simulation involves 
the constitutive law of Byrne (1991) for pore pressure generation which is incorporated in the 
standard Mohr-Coulomb plasticity model.  
  In general, as one would expect, the results of the analysis in terms of acceleration time his-
tories and acceleration spectra for the two components (Figure 3b) demonstrate that, as the 



shear waves propagate from the base of volcanic rock, the soil de-amplifies the low-period 
components of motion and amplifies those of high period. Moreover, the computed response on 
top of the dense gravel formation indicates that there is no substantial influence of the gravel 
layer in altering the input motion, other than de-amplifying the values in the high frequency 
range (above 5 Hz) and slightly amplifying lower frequencies. In addition, the peak ground ac-
celeration values do not change. 

 

 

Figure 3. (a) Typical in-depth soil profile on CBD; (b) Accelerograms and response spectra of the LPCC 
record used as excitation (applied in outcrop), and at two different depths obtained from the analyses; (c) 
Polarity plots of LPCC record and output of analysis on the ground surface. 

 
  In contrast to the minor effect of gravel on the soil response, the surficial soil layers play a 
dominant role in defining the ground motion characteristics ― hardly a surprise: these layers 
behave as a filter cutting-off the high frequency spikes, while the duration of motion cycles is 
lengthened. As a result, the peak accelerations have diminished to 0.35 g approximately in both 
directions. Moreover, in terms of spectral acceleration values, there is considerable spectral 
amplification to 1 g in the higher period range of up to 1.8 sec. Overall, both components show 
similar response, with certain disparities in the frequency content, e.g. NS output is richer in 
higher periods. 
  Polarity plots have also been constructed for LPCC motion and the computed ground surface 
motion. They are portrayed in Figure 3c. Evidently, there is no single (common) dominant di-
rection for all PGA, PGV and PGD values, contrary to the consistency in polarity of the CBD 
records (Figure 2). Especially the PGA principal direction is normal (rather than parallel) to the 
fault. This discrepancy with CBD polarity might be attributed to the fact that Lyttelton is on the 
hanging wall side, whilst CBD lies on the foot-wall. For the ‘thrust’ component of faulting this 
difference may indeed have an effect, but this is an issue that needs further investigation and is 
beyond the scope of this paper. The polarity of the output diverges only slightly from the polari-
ty of LPCC. The comparison of polarity plots demonstrates clearly the cut-off of PGA values in 
all directions and increase of PGV and PGD values. Evidently, the liquefied layers play the role 
of a seismic isolator reducing the acceleration amplitude of the wave components propagating 
through them.   



  To validate the analysis, a comparison between real records and numerical results is at-
tempted. The record selected for the comparison, CBGS, is depicted on the map of Figure 1. 
The CBGS station is located in the Botanic Gardens and the recorder is housed in a really light 
kiosk (Figure 4a). Visible are the signs of liquefaction sandboils, although they had been 
cleaned following the earthquake (the picture was taken by our research team in April 2011 
(Tasiopoulou et al., 2011)). No other facilities exist in the surroundings ensuring free field con-
ditions. Moreover, the soil profile described by Toshinawa et al. (1997) is appropriate for this 
location. 

 

Figure 4. (a) The CBGS seismic station, with the remnants of liquefaction sandboils seen as scars on the 
grass; (b) acceleration time histories of CBGS: record and analysis; (c) Comparison of (the about) accele-
ration time histories after filtering them at 4 Hz; (d) Comparison of acceleration 5%–damped spectra be-
tween CBGS record and analysis.  

 
As already discussed, LPCC and the four CBD records have different polarity. However, 

LPCC was the only option in search for a rock outcrop motion to be used as excitation in our 
analysis. That is why the comparison of spectra has been conducted in the direction of polarity 
of the CBGS record. For example, the strong PGA and PGV direction (polarity) for CBGS is 
approximately S56W and its PGD polarity is S51W. The acceleration time histories of the 
CBGS recorded and computed motions in the direction of S56W are depicted in Figure 4b. Al-
though these time histories seem to differ, especially in terms of PGA values, a closer look re-
veals that they have certain common features, better depicted in Figure 4c after filtering-out 
components with frequency above 4 Hz. Notice in particular that the main pulse at 4 sec exists 
in both time histories. The response spectral SA, SV, and SD are compared in Figure 4d. The 
agreement of analysis with reality confirms that a realistic insight of the mechanisms of soil re-
sponse during Christchurch earthquake have been gained from the analysis. 
 
 
5  CONCLUSIONS 
 
The Mw = 6.3 Earthquake of Christchurch was a surprising and unusual event which occurred 
in an unknown fault that had already been awakened from the September 2010 stronger earth-



quake, and it had a strong thrust component and a steeply dipping plane. The study focuses on 
the basic features of the recorded strong motions connecting the findings to the nonlinear beha-
vior of the soil layers. Liquefaction, a phenomenon that has played a major and devastating 
role, has been examined through a "generic" downtown soil profile and dynamic effective stress 
analysis. The LPCC record was applied as the base excitation, being the only one available rock 
outcrop motion. Despite several uncertainties, the output spectra obtained from the liquefaction 
analyses and the one recorded in the free field in the Botanic Gardens have shown quite a satis-
factory match provided that the compared spectra are aligned with the strong direction of the 
recorded motion. The dominant direction of the CBGS record is consistently almost parallel to 
the fault plane whilst the Lyttelton record exhibits more inconsistencies, something that may be 
related to the effects of the hanging-wall and the steep thrust–fault plane. The governing direc-
tion of each record has been found by simply turning the record in every possible direction with 
one-degree intervals and re-recording the strong motion parameters sought. 
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ABSTRACT: This paper investigates the metaplastic rocking response of single degree of freedom oscillators that 

are founded through surface square footings on inelastic soil. Dimensional analysis has been performed in an 

attempt to produce results pertaining to a group of cases that exhibit common characteristics which are hereafter 

termed as equivalent systems. The system response has been found to be depending on non-dimensional 

parameters such as: the factor of safety against vertical load, the imposed acceleration amplitude, the frequency 

ratio between the soil and the rocking oscillator, the dimensionless flexibility of the oscillator, the ratio of the 

available shear strength over the earthquake-induced stress, and the “rigidity ratio” which is is the ratio of the soil 

shear modulus (at small strains) over the undrained shear strength. Systems exhibiting equality between their 

respective non-dimensional terms are shown to respond equivalently for the same type of imposed shaking. A 

parametric analysis has been performed to reveal the impact of each dimensionless term on the overall system 

response. It was shown that dimensionless toppling rotation θult/θc (where θc is the toppling rotation of the 

equivalent rigid block) is a function of the factor of safety against vertical loads FSv and the slenderness ratio h/B: 

the toppling rotation decreases with FSv, while the role of the h/B becomes increasingly important for low values 

of FSV. A simplified “empirical” equation that approximately captures these phenomena is proposed. 

 

 

 

 

1. INTRODUCTION 

The understanding of the profound role of soil-structure interaction (SSI) phenomena on the design of earthquake 

resistant structures has been substantially aided by the research work of  Jennings & Bielak (1973), Veletsos & 

Nair (1975), Kausel & Roesset (1975), Gazetas (1983), Wong & Luco (1985), Gazetas (1991).  In these studies 

the soil-structure system is considered to behave elastically by idealizing soil as a linear visco-elastic material, 

while the structure is assumed elastic and in full contact with the supporting soil. Yet, such an assumption can be 

hardly met when considering the intensity of some of the recently recorded ground accelerations (e.g. the recorded 

accelerations in the latest 2011 earthquake event in New Zealand exceeded 1.0 g).  

Recent research however suggests that the inevitable non-linear foundation response can well be surprisingly 

beneficial for the structure. Inelastic foundation behavior may materialize either in the form of sliding or uplifting 

of the foundation from the supporting ground when the seismic inertia exceeds the footing’s capacity, or may 

involve mobilization of soil strength. In all three cases it is expected that the finite foundation capacity will 

“isolate” the superstructure by limiting the inertia forces transmitted to the above ground system, hence reducing 

its dynamic distress [Pecker, 1998; Pender; 2007]. 
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Among those who aimed to elucidate the interplay between foundation uplifting and soil failure, Gazetas and 

Apostolou (2004) studied the rocking response of a simple rigid structure lying on yielding soil under monotonic 

and dynamic conditions. Anastasopoulos et al., 2010, investigated the positive effect of foundation rocking for 1-

dof systems under seismic action, while Gelagoti et al. (2011) were among the first to demonstrate its decisive 

role in the seismic protection of simple low rise frame structures. 

The present study aims to shed light on the effect of key factors governing the rocking behavior of 1-dof 

foundations, such as the slenderness (i.e. geometrical characteristics) of the system and the factor of safety against 

vertical load controls. The former has been proven to determine the uplifting potential of the system while the 

latter defines the form of inelastic foundation behavior (i.e. uplifting or soil yielding). Dimensional analysis has 

been performed in an attempt to produce results pertaining to a group of cases that exhibit common characteristics 

which are hereafter termed as equivalent systems. 

 

2. DIMENSIONAL ANALYSIS 

Dimensional analysis is a mathematical tool that emerges from the existence of physical similarity and reveals the 

relationships that govern natural phenomena (Langhaar; 1951). By using dimensional analysis, it becomes 

feasible to derive broadly applicable results and give a better understanding of the significant parameters of the 

problem examined. In this case, dimensional analysis is employed in order to describe the response of 1-dof 

systems on surface square foundations subjected to rocking due to static or dynamic loading. A typical example of 

such system (representative of a single bridge pier) is portrayed in Figure 1a. The system has height h and 

foundation width B, while the structural flexibility is expressed through the eigenperiod Tstr. The system carries a 

total mass m. The depth of the soil deposit is z and the density ρ, while the undrained shear strength is Su and the 

shear wave velocity Vs.  

The full formulation of the dimensionless problem under consideration is initially attempted for the simplest 

case of a rigid block rocking on rigid base, while the additional parameters (i.e. those controlling the degree of 

soil plastification, or the flexibility of the rocking superstructure) are gradually introduced upon it. 

 

Identification of Dimensionless Terms 

For the simplest case of a rigid block on rigid base depicted in Fig. 1b, its rocking behavior depends on its 

geometric characteristics and the characteristics of shaking which, for idealized pulses, are solely its amplitude aE 

and characteristic frequency fE. As such, the body rotation may be expressed as: 

θ =  f(B,h, g, aE,  fE)           (1) 

According to the Vaschy-Buckingham Π-theorem, a dimensionally homogeneous equation involving � variables 

may be transformed to a function of � –  � dimensionless Π-products, where � is the minimum number of 

reference dimensions necessary for the description of the physical variables. 

Applying the Π-theorem in (1) which contains k=6 independent variables involving r=2 reference dimensions 

obviously results in 4 dimensionless Π-products. In this context, (1) may be re–written in dimensionless terms as: 

 

θ = f(B/h, fE/p, aE/g)           (2) 

where 

3g
p =

4R            

 (3) 

is a frequency parameter (initially introduced by Housner, 1964) indicative of the dynamic properties of the rigid 

body. In Eq. (3) R is half the diagonal of the rigid body defined as: 

 
2 2R = (B / 2) + h            (4) 

 

In order to render Eq. (1) applicable to more realistic systems, the soil and structure specific characteristics should 

be taken into account; this is accomplished by introducing in the equation the soil and structure’s eigenperiods 

Tsoil and Tstr respectively, and the soil strength, which –for the system under consideration–  is defined as Su.   



Lastly, in order to capture kinematic soil response while realistically accounting for wave propagation effects, 

(1) should include parameters z, ρ and Vs. Incorporating all of the above parameters in (1) yields: 

θ =  f(B,h, g, aE,  fp, Tstr, m,Su, z, ρ, Vs)         (5) 

 

which apparently contains k=12 independent variables involving r=3 reference dimensions (i.e. length, mass and 

time). Following the same procedure as before, (5) is re-written in non-dimensional terms as 

 
2

s s uE E
str 2

u u E

V ρV Sa fh mg
θ = f( , , ,pT , , , , )   

B g p pz S B S ρza
         (6) 

 

 
Figure 1. Schematic illustration of the Problem analysed: (a) complete formulation; (b) an approximation replacing the 

rocking oscillator by an equivalent rigid block on rigid base.   

 

The parameter 
2

u

mg

S B  

understandably represents the factor of safety against vertical load for 1-dof systems on 

square surface footings and will be referred to in the ensuing as FSv. The flexibility of the oscillator is expressed 

through the oscillator flexibility parameter pTstr.  

Soil nonlinearity is expressed through the term � � �� �	 
�⁄  in which Su represents the available shear 

strength and �	
 , is an index of the earthquake-induced stress at depth z. Alternatively, r may be considered as 

an index of the mobilization of soil shear strength due to the imposed acceleration aE. The last factor, 

� � � ��
�  ��⁄  , termed “rigidity ratio” in soil mechanics literature, is the ratio of the soil shear modulus (at small 

strains) over the undrained shear strength. 

Presumably, in its present form, this analysis is not capable of capturing the effect of excitation type (i.e. 

number of strong motion cycles etc) as it only integrates the peak amplitude and characteristic frequency of 

shaking. Hence, its validity is limited to excitations which can be amplitude or frequency –scaled. 

In accord with the manipulation defined so far, the dimensionless settlement and moment of the foundation 

may be expressed as follows: 
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Table 1 summarizes the independent variables and the dimensionless products of the dimensional analysis for 

dynamic and static loading. 

 
Table 1. 1-dof systems on surface square foundations subjected to rocking due to static or dynamic loading: Identification of 

dimensionless Π-products.  

 
 

 

3. ANALYSIS METHODOLOGY 

 

Τhe finite element method (Abaqus FE code) is employed in the ensuing in order to confirm the adequacy of the 

dimensionless terms defined above and perform parametric analyses of the effect of each term in the rocking 

behavior of 1-dof systems. Figure 2 depicts the finite element model used. A “characteristic” slice of the soil–

structure system is studied considering plane-strain conditions accounting of both material (soil) and geometric 

(uplifting and P-δ effects) nonlinearities. Soil and footing are modeled with quadrilateral continuum elements. An 

elastic beam element is used for the superstructure and a mass element is located at height h above the footing 

base. The foundation is connected to the soil with special contact elements permitting detachment from the 

supporting soil. A large coefficient of friction at the soil–footing interface ensures that any detachment from the 

supporting soil is in the form of uplifting. 

1-dof oscillators have been subjected to both monotonic and cyclic loading applying displacement– controlled 

vertical and horizontal loading at their top, while both recorded ground motions and idealized wavelets have been 

applied as excitation at the base of the model during nonlinear dynamic time history analyses. 

 

Soil Modeling 

Soil behavior is modeled through a nonlinear kinematic hardening model, with Von Mises failure criterion and 

associated flow rule [Anastasopoulos et. al., 2011b].  The constitutive model has been validated against 

experimental data and is appropriate for clay under undrained conditions which is the case for the problem studied 

here.  
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Figure 2. Finite element model assuming plane-strain conditions and taking account of material inelasticity (soil), geometric 

nonlinearities (footing detachment from the supporting ground) and second order phenomena (P–δ effects).  

 

 

4. METHOD VERIFICATION 

 

Prediction of Moment Capacity 

In the course of validating our numerical methodology, the calculated ultimate moment is herein compared with 

published solutions. Several interaction diagrams can be found in literature (i.e. Batterfield & Gottardi, 1994; 

Gourvenec, 2007) correlating a footing’s ultimate capacity with the amplitude of external loading. Among them, 

Gourvenec (2007) has derived interaction curves for footings of varying shape on an isotropic linear elastic – 

perfectly plastic clayey soil, of undrained shear strength Su subjected to combined vertical and horizontal load and 

moment. This interaction curve is the result of three dimensional finite element analyses in the F.E code Abaqus; 

loading is directly applied at the footing, therefore second order (P–δ) effects are not taken into account. Figure 3 

plots the normalized ultimate moment with respect to the normalized vertical load : x stands for the inverse of the 

factor of safety (x = 1/FSV), m is the dimensionless ultimate moment for each value of x examined and is 

calculated as m = Mult / SuB
3
 , where mu is the maximum dimensionless ultimate moment. The two failure 

envelopes portrayed in Fig. 3 manifest an evidently satisfactory comparison: an indirect indication of the capacity 

of the adopted methodology. Both curves agree that ultimate moment tends to increase as x increases up to a 

certain value. In this case, (where P–δ effects are not accounted for) the critical value of x is 0.5 which 

corresponds to a factor of safety equal to 2. The ultimate moment decreases with decreasing safety factor 

thereafter until it is ultimately zeroed for extremely heavily loaded systems (x = 0.95).  

 

 
Figure 3. Evolution of Normalized dimensionless ultimate moment with normalized vertical load (x) when an 1-dof system of 

h/B  =  2 is subjected to combined (M, Q, N) loading . The solid grey line corresponds to the Gourvenec (2007) solution  and 

the discrete markers stands for the 2D F.E. solution.  
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Figure 4. Numerical Example :Two unique systems may display a self-similar response as long as they share common 

dimensionless properties: h / B = 2 , FSV = 2.5 , pTstr =0.4, ρVS
2 
/ Su = 690, VS /p z = 14.3)  

 

Dimensional Analysis Example  

In an attempt to demonstrate the competence of the dimensional analysis described above, this section compares 

the response of two completely different systems portrayed in Figure 4 first to monotonically imposed loading on 

their top and then to dynamic excitation applied on the base of each model. The dimensionless terms generated 

earlier are common for both systems: for the cases presented herein, equivalent systems of varying geometry lie 

on clay strata of undrained shear strength Su = 75 and 150 kPa, respectively. The two systems display the same 

factor of safety FSv, and slenderness ratio h/B. Soil stiffness ratio ρ VS
2
/Su is equal to 690. The flexibility of the 

oscillators is equal to pTstr = 0.34, while the relative frequency of the soil-superstructure system VS / pz, is equal to 

14.3. 

 

 
Figure 5. Moment–rotation curves of the two example systems : (a) in absolute and (b) in dimensional terms.  
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The response is plotted in terms of moment-rotation curves for the two systems subjected to monotonic 

loading in Figure 5. Evidently, for both systems the equivalent rigid block represents the upper-bound of response 

both in terms of moment capacity and overturning angle. Soil compliance is shown to reduce the moment capacity 

but has a minimal effect on the overturning angle. However, both the maximum moment attained and the 

overturning angles of the systems are drastically affected when soil inelasticity is accounted for. Note that 

although the developed moment drastically differs between the two systems (reflecting the difference in their 

mass and geometry), their overturning angles are exactly the same since both systems exhibit equal h/B ratios. 

Remarkably, all the discrepancies discussed so far fade away once results are plotted in non-dimensional terms 

(Figure 5c), when apparently both curves coincide. 

Even more remarkable is the equivalence of the two systems when subjected dynamic loading (Figure 6). The 

systems have been excited by Takatori 000 record (Kobe, 1995). This time history is a very intense excitation 

with peak acceleration of 0.61g and long duration. Hence, nonlinearity prevails in terms of soil response. The 

comparison between the two curves is excellent both in terms of time histories of dimensionless acceleration and 

settlement and of loops of dimensionless moment vs dimensionless rotation. Acceleration time histories at the top 

of the oscillator (Figure 6a) are identical for the compared systems, both in terms of frequency content and details 

of the time history. The fact that the maximum acceleration at the top of the oscillator is significantly lower than 

the peak acceleration of the excitation mirrors that the foundation has reached its moment capacity: extensive soil 

yielding underneath the footing takes place in both cases, thus resulting in limiting the inertia transmitted to the 

superstructure. This behavior should be attributed to the low FSv value. Note that the response of the two systems 

is equivalent also during the free-oscillation phase occurring at pt>12. 

 

 
Figure 6. The two t example systems display self similar behavior when excited by the (a) Takatori 000 record. Evolution of 

the dimensionless (b) acceleration at the top of the oscillator and (c) settlement (w/B). (d) Dimensionless moment–rotation 

loops at the foundation level.  

 

 

5. PARAMETRIC ANALYSIS 

 

5.1. The effect of Safety Factor FSV 

 

Two sets of equivalent systems have been examined (Table 2), both of aspect ratios h/B = 2. The first system 

exhibits a safety factor of FSv = 2 thus representing heavily loaded systems, whereas the second pair has a FSv = 5 

and, as such, represents relatively lightly loaded systems. Expectedly, the response of the heavily and the lightly 
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loaded systems manifest substantial disparities: heavier systems develop greater dimensionless moment capacity, 

but overturn at smaller rotation (Figure 7).  

A direct explanation of this behavior is offered by the examination of the contours of developed plastic strains 

for the two systems (Figure 7a). As the imposed displacement increases soil yielding prevails underneath the 

heavily loaded footing; a bearing capacity failure mechanism (under eccentrically applied vertical load) is 

developed, and an extended plastification bulge builds up. On the other hand, the lightly loaded system 

immediately detaches from the foundation soil under a minimum amount of imposed horizontal displacement, 

while plastic deformations solely accumulate at the footing edge where localization of stresses is unavoidable.To 

further demonstrate the aforementioned differences, the two systems are tested under monotonic and cyclic 

horizontal loading and their response is plotted in terms of moment-rotation and settlement-rotation curves.  

 
Table 2. Effect of FSV; two pairs of equivalent systems where all the dimensionless terms but the FSV are kept constant  

 
 

 
Figure 7. Effect of FSV: Two sets of equivalent systems with FSv = 2 (left column) and FSv = 5 (right column) are subjected 

to monotonic horizontal pushover test : (a) Contours of soil deformations and plastic strains, (b) Dimensionless moment–

rotation curves.  
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Monotonic Loading 

As stated earlier, the dimensionless foundation overturning moment is M/SuB
3
, while the rotation of the 

foundation is normalized with the overturning angle of the corresponding rigid block rocking on a rigid base. In 

complete agreement with other experimental and analytical findings, systems with FSV = 2 exhibit greater 

dimensionless moment capacity than those with FSV = 5. Moreover, the inclination of the initial branch of the two 

curves (i.e. an indication of the elastic rotational stiffness KR) for 0 < θ < θmax is quite different: the heavily loaded 

system has a lower initial stiffness as a result of the significant soil plastification, which in turn provokes 

degradation of soil stiffness.  

Finally, toppling of the lighter system occurs at a much higher rotation compared to the heavier system, a 

behavior that conspicuously reflects the detrimental effect of P-δ phenomena especially in case of low FSV 

systems as explained in the ensuing. Indeed, recall that the rocking response of the high FSV system is reminiscent 

of that of a rigid block rocking on a rigid base under the action of a horizontal load. In this latter case, ever since 

the system detaches from the ground, the pole of rotation lies exactly at the edge of the foundation and thus, P-δ 

phenomena tend to reduce the balancing moment due to the block’s self weight. 

On the other hand, low FSV systems under the action of the same external load tend to procure extensive soil 

yielding underneath them which, in turn, brings about shifting of the pole of rotation away from the footing’s 

center towards O’ (Fig. 7a). In effect, the moment produced by the superstructure self-weight immediately tends 

to disturb the system’s equilibrium under even low-amplitude rotation angles. As the rotation continues to 

accumulate, the P-δ induced moment (Mweight = mgδ΄) is augmented therefore accelerating the degradation of the 

footing moment capacity.  

 

Cyclic Loading 

Cyclic horizontal loading has been applied on the two sets of equivalent oscillators by gradually increasing 

displacement at their top 

. Dimensionless results are presented for the case of slender oscillators with aspect ratio h/B = 4 (Table 2). 

 

 
Figure 8.  Effect of FSv : the two pairs of equivalent systems are subjected to cyclic push over tests and the comparison of 

their response is illustrated in terms of (a) dimensionless moment–rotation curves and (b) dimensionless settlement–rotation 

curves.  
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reference. The shapes of the two loops reveal a quite pronounced difference: for low FSV values the produced M-θ 

FSv = 2 FSv = 5

1

0.5

0

-0.5

-1

(a)

0.02

0

-0.02

-0.04

-0.5 -0.25 0 0.25 0.5 -0.5 -0.25 0 0.25 0.5

θult / θc θult / θc

M / Su B
3

w / B

(b)



loops are rounded, contrary to the high FSV case where at least for θ values close to θmax a S-shaped loop is 

developed (indication of footing uplifting). Interestingly though, in this latter case the cyclic response is 

successfully enveloped by the monotonic backbone curve, while for heavily loaded foundations a significant 

overstrength is apparent. This remarkable feature that is directly associated with the kinematic hardening property 

of soil materials (Bauschinger effect), has also found experimental justification in recent studies (e.g. 

Anastasopoulos et al., 2011). Accordingly, for high FSV, where the soil is almost “underexploited” and the 

maximum moment capacity of the foundation is rather a geometric property (almost equals mgB/2) such 

hardening phenomena are not evident.. 

The qualitatively different response of heavily and lightly loaded systems is once more evident in terms of 

vertical displacements (w): heavily loaded systems react to imposed cyclic displacement by accumulating 

settlement whereas the lightly loaded uplift, thus developing minor residual settlement. Noticeably, although the 

imposed displacement at the top is equal for both systems, the developed rotation for the uplifting-dominated 

system with FSV = 5 is obviously higher than that of the system with FSv = 2. In the former case, the entire 

imposed displacement is acquired through rotation which, in the latter case is limited due to soil yielding. Yet, due 

to the symmetric nature of the imposed loading, both systems demonstrate zero residual rotation.  

 

5.2. Foundation Metaplastic Ductility 

In this paragraph, it is attempted to quantify the rotational ductility that may be offered by a foundation-structure 

system as a function of the h/B ratio and the normalized vertical load (x). In the ensuing, the foundation rotational 

ductility is defined as the ratio of the ultimate rotation that a foundation can sustain before overturning (θult ) to the 

maximum rotation (θc) of an equivalent rigid block lying on a rigid base. Recognizing that, θult/θc ratios close to 

unity demonstrate a quite favorable foundation response with increased ductility levels, while θult/θc close to zero 

indicates poor post-yielding behavior.  

Figure 9(a) portrays the evolution of θult/θc ratio with increasing normalized vertical load (x) for 1-dof systems 

with h/B ranging from 1 to 10. Apparently, four different curves can be identified (one for each aspect ratio) with 

their differences being most pronounced as x tends to 1.0. Interestingly though, all curves may be enveloped by 

two limit states: (a) a lower bound where h/B = ∞ (i.e foundation is subjected to pure moment) and an upper 

bound (h/B = 0) case (i.e. the foundation is subjected to pure shear).  

In an attempt to integrate these phenomena in a simplified analytical solution that may be readily applied to 

roughly estimate the rotational ductility of any foundation structure system, the following formula is proposed: 

( )   
  
  

ult

c

θ 1 h
= 1- x + 1- log x

θ 3 B
     (11) 

which is graphically depicted in Figure 9(b). Note that this formulation yields conservative results for the whole 

range of x and h/B values, while its accuracy is reduced for x < 0.1 (extremely lightly loaded systems) and x > 0.9 

(extremely heavily loaded systems). Two distinct mechanisms may be identified: 

(a)  Foundation ductility decreases with increasing x for a given h/B ratio. Lightly loaded systems present 

superior metaplastic response compared to their heavily loaded counterparts.  As explained previously this 

difference may be attributed to the detrimental role of P-δ effects: naturally, large x values imply larger P-δ 

moments and hence reduced system ductility.  

(b)  Foundation ductility decreases with increasing slenderness ratio for a given x value. To clarify this, two 

snapshots of the deformed mesh along with the corresponding displacement vectors at the instant of 

maximum moment are presented for two systems that exhibit common x=0.4 but completely different h/B 

ratios; a short structure and a very slender one. As evidenced, for low h/B ratios, the foundation is 

subjected to increased shear loading, which justifies the development of a rather translational failure 

mechanism.  This “hybrid” mechanism indicates mobilization of passive failure at the front side of the 

foundation, which results increased safety margins against overturning (i.e., higher θult/θc ratios). 

 

6. SYNOPSIS AND CONCLUSIONS 

In this study, dimensional analysis was performed to recognize the key parameters that control the rocking 

response of 1-dof systems on nonlinear soil. Τhe finite element method was next employed to confirm the 



adequacy of the dimensionless terms and perform parametric analyses of the effect of each term. It was concluded 

that the factor of safety FSv not only defines the maximum moment that a foundation can sustain and its 

overturning angle, but also indicates the failure mechanism of the system. Lightly loaded oscillators tend to uplift 

from the supporting ground and soil yielding is limited. On the other hand, heavily loaded systems tend to 

accumulate settlement and soil yielding is intense. Moreover, when subjected to cyclic loading, heavily loaded 

systems tend to reach higher moment capacity compared to monotonic loading. The overturning angle of a system 

may directly correlated with the normalized vertical load (inverse of the factor of safety), and the aspect ratio h/B 

and a simplified formula is provided. 

 

 
Figure 9. Effect of normalized vertical load (x) and h/B ratio on the normalized overturning angle of the foundation:                  

(a) rigorous F.E. solution and (b) proposed simplified solution. (c) Snapshot of the deformed mesh superimposed with 

displacement vectors for two 1-dof systems that have the same x but different h/b ratios. 
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1 INTRODUCTION 

Figure 1a illustrates the problem under consideration: a shallow foundation carries the combined 
N–Q–M loading arising from the gravitational and inertial distress of the superstructure when 
submitted to dynamic excitation. If the load transmitted to the foundation is significant, strongly 
non-linear response may take place at the soil–foundation interface, expressed through loss of 
contact between the foundation and the supporting soil (uplift) and/or transient mobilization of 
bearing capacity failure mechanisms (soil yielding).  

Figure 1b gives a schematic outline of the different modes of possible foundation response in 
connection with the foundation design perspective (i.e. in association with the design FS values 
for vertical and combined–seismic loading, FSV and FSE respectively). Two main modes of re-
sponse are envisaged: the first is in accord with the currently prevalent design practice, which 
"protects" the foundation against the supported column by demanding the first to be relatively 
overdesigned (FSV >> 3, FSE > 1); a less conservative — and certainly unconventional under the 
present design prism — treatment of the foundation would allow it to bear a significant part of 
the seismic distress by accepting a reduced FSE value (FSE ≈ 0.5) and hence be subjected to a 
transient interplay of uplifting and soil yielding mechanisms. The latter approach has been iden-
tified as a valid method for the seismic isolation of structures by a number of modern studies 
[e.g. Martin & Lam, 2000; Gajan et al., 2005; Harden et al., 2006; Gazetas et al., 2007; Anasta-
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sponse of soil–footing–structure systems have revealed the fallacy behind the prohibition of 
non-linear foundation response, which is currently one of the cornerstones of aseismic design. 
Shallow foundations have been found to unavoidably respond non-linearly, experiencing uplift-
ing and/or bearing capacity failure mechanisms when subjected to seismic episodes of signifi-
cant magnitude. What is more, such non-linear behavior appears to have a beneficial role in the 
performance of the supported structure. Yet, before allowing foundation non-linearity in engi-
neering practice, it is essential to develop valid and comprehensible tools for modeling the non-
linear rocking behavior and predicting the associated foundation permanent displacements with 
sufficient accuracy. To this end, a numerical methodology has been formulated — which makes 
use of a simplified but fairly comprehensive constitutive soil model — and implemented within 
the ABAQUS FE code. The methodology is rigorously validated through the reproduction of a 
variety of physical model tests conducted on different soils (sand and clay) and at different 
modeling scales (making use of both large scale and reduced scale experiments). The paper 
presents the results of this validation procedure, showing that the numerical method is capable 
of reliably reproducing the details (ultimate capacity, stiffness degradation with increasing rota-
tion, hysteretic response, settlement–uplifting behavior in relation to the rotation amplitude and 
the number of loading cycles) of non-linear cyclic foundation response. 
 



sopoulos et al., 2010]. Yet, there is still quite a long way before such a major change in seismic 
design philosophy could be applicable in practice. Aside from reliability issues, a key prerequi-
site to render such concepts more attractive to engineers is the capability to realistically model 
the inelastic response of foundations. 

Although several advanced and sophisticated constitutive models have appeared in the litera-
ture [e.g., Prevost, 1981; Dafalias & Manzari, 2004; Houlsby & Puzrin, 2006], the current state–
of–the–art in non-linear analysis of foundations emphasizes the development of macro-element 
models [Paolucci et al., 2008; Chatzigogos et al., 2009; Gazan & Kutter, 2009]. This is not only 
because sophisticated constitutive models typically require extensive calibration of their numer-
ous parameters. Being usually implemented in highly specialized finite element (FE) or finite 
differences (FD) codes, their use is also restricted to simple superstructures. Additionally, in 
most cases, such models can only be applied by numerical analysis specialists, prohibiting their 
use in practice. On the other hand, macro-elements constitute a valid solution, but are also 
usually restricted to simple superstructures.  

In an attempt to overcome some of the above difficulties, this paper presents a simplified 
constitutive model for analysis of the cyclic response of shallow foundations. The model is 
based on a simple kinematic hardening constitutive model with Von Mises failure criterion, 
available in commercial FE codes. As it will be discussed in the sequel, the model is modified to 
be applicable for sand, following a simplified procedure, and is encoded in the FE code    
ABAQUS through a simple user subroutine. The model is rigorously validated with respect to 
large scale experiments studying the non-linear response of shallow foundations supported on 
clay and sand (performed at the UC Davis Centrifuge and the ELSA large scale facility in Italy 
respectively). Furthermore, after being appropriately modified in order to account for scale ef-
fects, the numerical method is employed in the simulation of a series of small-scale experiments 
performed at the Laboratory of Soil Mechanics in NTUA, where the non-linear foundation re-
sponse under monotonic and cyclic loading was studied with regard to the design safety factors 
(FSV and FSE). Successful comparisons between analytical and experimental results manifest the 
effectiveness of the presented methodology in capturing the main attributes of non-linear shal-
low foundation response irrespective of the supporting soil material and the physical modeling 
scale. Moreover, requiring calibration of two parameters only, and being (relatively) easy to im-
plement in a commercial FE code, the developed model is believed to provide a practically ap-
plicable engineering solution.  
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Figure 1. Problem definition: (a) shallow foundation subjected to seismic (combined N−Q−M) loading; 
(b) two foundation design alternatives: the conventional design approach and a new −unconventional− 
design philosophy where the response is dominated by foundation uplifting. 



2 CONSTITUTIVE RELATIONS 

Anastasopoulos et al. [2011] have developed a simplified constitutive model which is based on 
the Von Mises failure criterion, modified however appropriately so as to model the pressure-
dependent behavior of sands as well as that of clays.  

The Von Mises failure criterion is combined with non-linear kinematic hardening, as illu-
strated in the graphs of Figure 2, and associated plastic flow rule. The evolution of stresses is 
defined as: 

 (1) 

where σ0 corresponds to the stress at zero plastic strain, and α is the "backstress", which deter-
mines the kinematic evolution of the yield surface in the stress space according to the relation-
ship: 

 (2) 

where f(σ – α) is the equivalent Mises stress with respect to the backstress α. 
An associated flow rule is assumed and the plastic flow rate is: 

 (3) 

where is the equivalent plastic strain rate. 
The evolution law of the model consists of two components: a non-linear kinematic harden-

ing component and an isotropic hardening component. The kinematic hardening component is 
defined as an additive combination of a purely kinematic term and a relaxation term, which in-
troduces the non-linearity. The evolution of the kinematic component of the yield stress is de-
scribed as follows: 

 (4) 

where C the initial kinematic hardening modulus (C = σy/εy = E) and γ a parameter that deter-
mines the rate at which the kinematic hardening decreases with increasing plastic deformation. 
According to the evolution law governing the kinematic hardening component the backstress is 
contained within a cylinder of radius  . Given the bounded yield surface, all stress 
points lie within a cylinder of , where σy is the ultimate stress.  

At large plastic strains, when σ approaches σy, the magnitude of α becomes equal to αs = C/γ 
(see Figure 2c) and (σ – α) tends to σ0. Hence, the maximum yield stress can be defined as: 

 (5) 

For the case of clays, the undrained strength of which is pressure independent, the ultimate 
stress can be defined as √3Su and hence parameter γ can be calculated as: 

 (6) 

In the case of sands however, shear strength depends also on confining pressure apart from 
the soil strength characteristics (i.e. the friction angle φ). This pressure-dependency is incorpo-
rated in the model by defining the yield stress at saturation as a function of octahedral stress and 
the friction angle, as follows :  

 (7) 

Accordingly, parameter γ may be calculated as:  

 (8) 

Regarding the other two parameters of the model, σ0 may be defined as a fraction of σy     
(σ0= λ σy, with λ typically ranging from 0.1 to 0.3) whilst C may be determined with reference 
to empirical relationships or direct measurements of the small strain Young's modulus. 

 
 



(a)

(b) (c)  
Figure 2. Overview of the utilized constitutive model [Anastasopoulos et al., 2011]: (a) representation of 
the extended pressure-dependent Von Mises failure criterion in the principal stress space (hashed shape) 
together with the Von-Mises (light grey shape) and the Mohr Coulomb failure criterion (dark grey shape), 
(b) projection of the failure surface at pressure p = (σ1 + σ2 + σ3)/3 on the Π-plane, and (c) Simplified 1-
dimensional representation of the model, indicating the only 3 parameters required for its formulation. 

3 MODEL VALIDATION AGAINST LARGE SCALE EXPERIMENTS 

3.1 U.C. Davis centrifuge testing of shallow footings on clay 

Results from a series of centrifuge tests conducted at UC Davis studying the rocking response of 
shallow foundations on clay are utilized for the validation of the original constitutive model 
which applies to clays. A variety of tests were performed, involving both vertical and lateral 
loading, and reported by Gajan et al., [2005]. Yet, due to space limitations the emphasis here is 
placed on the response during cyclic lateral pushover tests aiming to focus on the mechanisms 
of foundation rocking. 

Figure 3(a) displays the centrifuge testing model and set-up with instrumentation for the cyc-
lic lateral push tests. Numerical simulations of these tests were performed utilizing the 3-D FE 
model depicted in Figure 3(b). Details on the FE model geometry, properties and discretisation 
have been documented in Anastasopoulos et al., [2011] along with a comprehensive presenta-
tion of results.  

Comparisons of the foundation response between experiments and analysis are shown in Fig-
ures 3(c) and 3(d) in terms of moment–rotation and settlement–rotation loops respectively.  

Some uplifting can be traced in the numerically computed moment-rotation loop especially 
during the first cycles of loading (which involve relatively small amplitude displacements), 



something which is not observed to the same extent in the experiment. The latter is indicative of 
increased plastic straining of the soil underneath the footing, hence resulting to higher dissipa-
tion of energy as elucidated by the area included within the experimental hysteresis loops. In-
creasing the input displacement magnitude (larger amplitude loading cycles) results in excessive 
soil plastification which is evident from both the experimental and the numerically computed 
moment–rotation loops. These hysteresis loops reveal a highly non-linear response of the soil– 
foundation system. Furthermore, the moment– rotation curve now conspicuously manifests the 
mobilization of the ultimate capacity (Mult ≈ 300 kNm) : increase of rotation for constant mo-
ment. It should be noted that the experimental hysteresis loops systematically reveal a non-
symmetric behavior, which is attributed to some localized plastification underneath the footing 
edges possibly occurring due to earlier cycles of shearing or inhomogeneities in the construction 
of the physical model, which of course may not be reproduced in the analysis. 

The numerical prediction is quite successful in terms of the settlement–rotation response 
(Figure 11b). Excessive uplift appears to take place indicated by the sharp edges of the settle-
ment–rotation loops. As elucidated by Gajan et al. [2005], foundation rocking during large am-
plitude lateral loading leads to (permanent) loss of contact between the soil and the footing. The 
generated gap at the uplifted side is associated with a drastic reduction of the effective width of 
the foundation, leading to extensive soil yielding at the opposite side, further increasing the de-
tached area of the foundation. 
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Figure 3. Model validation against UC Davis Centrifuge Tests on clay – Cyclic lateral pushover testing of 
footings.  

Overall, it may be claimed that despite some discrepancies, which mainly involve the re-
sponse under low amplitude displacements, the numerical model reliably reproduces the expe-
riments throughout the entire range of displacements capturing with sufficient accuracy the ul-



timate lateral capacity of the foundation as well as the progressively non-linear response in the 
moment–rotation plane, implied by the degradation of rotational stiffness with increasing rota-
tion amplitude. Furthermore the analysis predicts the accumulation of permanent settlement un-
derneath the footing and the predomination of uplifting with increasing the number of loading 
cycles. 

3.2 Large-scale testing of a square footing on dense and loose sand 

Aiming to verify the claim that, after being appropriately modified so as to encompass the pres-
sured dependency of frictional materials (Equations 7 and 8), the presented numerical model 
may as well apply to sands, a series of large scale 1-g tests performed on footings upon sandy 
soil profiles are simulated and results are summarized in Figure 4 for both dense and loose sand 
specimens. The experiments were conducted at the ELSA facility in ISPRA (Italy) in the 
framework of the TRISEE research project and have been documented by Faccioli et al., [1999]. 
In detail report of their numerical simulations has been conducted by Anastasopoulos et al., 
[2011]. 

A remarkable agreement is observed between measured and calculated hysteresis loops pro-
duced during slow cyclic tests on dense sand (Figure 4a). Both loops evolve quite symmetrical-
ly. The numerical analysis effectively reproduces the lateral capacity of the system : Mult ≈ 100 
kNm. Furthermore, it captures with sufficient accuracy both the initial stiffness of the system, 
and the gradual degradation of rotational stiffness with increasing rotation.  

Contrarily to the uplifting behavior of the footing on dense sand (evident by the S-shaped 
loops of Figure 4a), the foundation on loose sand is obviously subjected to substantial irrecover-
able sinking within the soil. This is justified by both the numerical model and the experimental 
results, which show clearly larger energy dissipation.  

The analysis has been successful in simulating the experimentally observed mobilization of 
the foundation capacity. In very good accord with the measured value, the predicted ultimate 
moment of the system is Mult ≈ 40 kNm in the negative loading direction. It should be noted that 
the asymmetry of response in the test, attributable to some irregularity in the input displacement, 
cannot be reproduced in the analysis. Yet, the general comparison between analytical and expe-
rimental results is judged as very satisfactory. 

4 DEALING WITH SCALE EFFECTS: SIMULATION OF 1-G REDUCED SCALE TESTS 

It is well known that the strength of sands highly depends on the applied stress [Bolton, 1986]. 
Thus, physical modeling in reduced scale results in misreproduction of the soil strength due to 
the underestimation of the distribution and evolution of the applied effective stress field, this be-
ing admittedly the most important shortcoming of 1–g testing against centrifuge modeling.  

When performing numerical simulations of reduced-scale experiments on sand, it is essential 
to account for such scale related variations in the soil strength profile. This may be achieved 
simply by inputting a pressure dependent relationship for the soil friction angle, which may be 
determined with reference to shearbox test results, instead of a constant value of φ (Figure 5a). 
The scale factor N is unavoidably introduced in the calculation of the apparent φ, so as to 
achieve stress–strength similarity for any pair of homologous points between the model and the 
prototype (Figure 5b). 

Hence, reduced scale effects may be incorporated in the herein presented constitutive model 
by modification of Equation (7), so as any soil element in the FE model (in prototype scale) to 
have the same strength with its homologous point in the physical model (model scale): 

 (9) 
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Figure 4. Model validation against 1-g large scale tests on sand. Comparison of cyclic response in terms 
of foundation moment - rotation loops for . (a) dense sand; and (b) loose sand. 
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Figure 5. Effect of reduced scale modeling on the reproduction of the prototype soil strength distribution: 
(a) friction angle is a function of effective stress, and hence (b) for any pair of homologous points be-
tween prototype and scaled down model, the vertical stress in the model is N times lower than in the pro-
totype and therefore the effective friction angle is somewhat larger. 



A series of small scale experiments on foundations of various sizes and safety factors, which 
have been conducted at the Laboratory of Soil Mechanics of NTUA and are documented in a 
companion paper (Drosos et al., 2011), were simulated numerically in order to to verify the abil-
ity of the presented numerical method in capturing scale effects. The experimental campaign in-
volved three rigid 1-dof systems supported upon a layer of dense sand through three distinctive-
ly different shallow foundations: (i) the so called large foundation (FSV = 7.3) was designed in 
accord with current capacity design practice; (ii) the medium foundation (FSV = 3.5) was uncon-
ventionally designed to allow uplifting and yielding mechanisms to take place; and (iii) the 
small foundation (FSV = 2.1) represents a seriously under-designed foundation. 

4.1 Monotonic Loading 

Figure 6 compares the numerically computed against the measured response of the three foun-
dations to monotonic horizontal pushover loading in terms of moment–rotation and settlement– 
rotation curves.  
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Figure 6. Model validation against 1-g reduced scale tests (N = 20). Monotonic horizontal pushover tests 
results in terms of moment–rotation and settlement–rotation curves and comparison with the FE analysis 
results for the three different foundation sizes considered: the large foundation (FSV = 7.3); the medium 
foundation (FSV = 3.5) and the small foundation (FSV = 2.1). 



Naturally, moment capacity appears as a decreasing function of the foundation size. Further-
more, in accord with the design, the lightly loaded large foundation demonstrates an uplift dom-
inated response and, as shown by the corresponding settlement–rotation curve, its centre appears 
to move upwards straight after the application of loading revealing that more than half of the 
foundation area looses contact with the supporting soil. The opposite appears to be the case for 
the two smaller foundations, where the behavior is mostly associated with soil yielding owing to 
the relatively lower bearing capacity. Hence, the centre of the medium and the small founda-
tions move downwards (settle) with increasing displacement at a rate which presumably in-
creases with reducing FSV.  

The numerical method predicts with sufficient accuracy the rocking stiffness (gradient of the 
M–θ curve) and reproduces generally well the moment–rotation response of all three founda-
tions despite the slight underestimation of the ultimate moment capacity for the two larger ones. 
Equally satisfactory in general terms is the comparison between numerically predicted and 
measured response in the settlement–rotation plane. Some discrepancies refer to the numerical 
prediction of the soil–foundation system stiffness, indicated by the gradient of the w–θ curve, 
which is somewhat underestimated in the case of the large foundation and contrarily somewhat 
over-predicted in the case of the small one. Nevertheless, the numerical method appears to re-
produce the general attributes of response to this type of loading with sufficient reliability. 

4.2 Cyclic Loading 

The three structure–foundation systems were also subjected to cyclic pushover tests. The load-
ing sequence included a series of displacement cycles of increasing amplitude divided for con-
venience into three loading packets. Figure 7 compares the experimental results with the results 
of the respective numerical simulations in terms of moment–rotation and settlement–rotation 
loops for all three foundations during the third loading packet, which involved large amplitude 
displacements (generally ranging from 10 to 50 cm in prototype scale). 

As expected, non-linear material response, betrayed by the area enclosed in the moment–
rotation loop becomes more significant with decreasing the foundation size. Thus, uplifting do-
minates the response of the lightly loaded large foundation (observe the impressive 2 cm lift-off 
of its center during the last loading cycle in Figure 7a), yet giving place to soil yielding mechan-
isms as FSV reduces. Some uplifting, although much less than in the case of the large founda-
tion, may be traced in the settlement–rotation response of the medium foundation (Figure 7b) 
while the small foundation demonstrates pure "sinking" response, implied by the downwards 
movement of its center on every half-cycle of loading.  

Comparison between analytical and experimental results manifests the effectiveness of the 
numerical method in capturing the details of rocking response, namely the ultimate lateral ca-
pacity, the degradation of stiffness with increasing rotation and the interchange between uplift 
and yielding mechanisms as well as their relation to the relative weight (i.e. FSV). Interestingly, 
the agreement between analysis and experiment becomes surprisingly good in the case of the 
small foundation when material non-linearity is significant. Furthermore, the numerical method 
gives excellent predictions of the total accumulation of settlements under the foundations as 
well as the rate of settlement per cycle. However, it should be mentioned that the comparison 
was less satisfactory for the two previous loading packets (which are not shown here), where the 
three systems were subjected to smaller displacements, partly because of the simplicity of the 
constitutive model and also due to the inaccuracies associated with reduced scale testing in the 
small strain domain. 

5 SUMMARY AND CONCLUSIONS 

The paper has presented a comprehensive validation of the simplified constitutive model of 
Anastasopoulos et al., [2011] with regard to the non-linear rocking response of shallow founda-
tions. Employed in the simulation of different large scale experiments conducted on clayey and 
sandy soil profiles, as well as in the simulation of small scale experiments on sand, the pre-
sented numerical methodology proved capable of reliably reproducing all the different aspects 
of shallow foundation rocking response regardless of the supporting soil material or the possible 



effect of physical modeling scale. More specifically, the most important conclusions may be 
summarized as follows: 
a) The Von Mises failure criterion of the constitutive model can be considered appropriate for 

clay under undrained conditions. 
b) The extended normal-pressure-dependent Von Mises failure criterion, employed to render the 

model applicable to sand, constitutes a simplified approximation of real sand behavior. 
c) Despite its inherent simplifications and as far as the problem of rocking of a shallow founda-

tion is considered, the proposed numerical model has been shown to yield quite satisfactory 
results for both clayey and sandy soils. Through the validation presented herein, the model 
was found capable of capturing with reasonable engineering accuracy the details (ultimate 
capacity, stiffness degradation with increasing rotation, hysteretic response, settlement–
uplifting in relation to the rotation amplitude and the number of loading cycles) of such a 
complex problem where multiple types of non-linearity are combined. 

d) Furthermore, the numerical method was appropriately modified so as to account for scale ef-
fects when reproducing reduced scale experiments and confidence on its validity was 
strengthened by successful simulations of a series of small-scale experiments on the mono-
tonic and cyclic non-linear response of footings of varying safety factors. 

e) Being easily implemented in commercial FE codes and requiring but only the knowledge of 
soil strength (Su for clays and φ for sand) and small-strain stiffness (Go or Vs ) the model is 
believed to provide a practically applicable solution, not restricted to simple superstructures, 
and not to be solely used by numerical analysis specialists. 
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Figure 7. Model validation against 1-g reduced scale tests (N = 20). Cyclic horizontal pushover tests re-
sults in terms of moment–rotation and settlement–rotation curves and comparison with the FE analysis re-
sults for the three different foundation sizes considered: (a) the large foundation (FSV = 7.3); (b) the me-
dium foundation (FSV = 3.5), and (c) the small foundation (FSV = 2.1). 
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1 INTRODUCTION 
 
Recorded accelerations during strong earthquakes over the last 20 years very often overly ex-
ceeded code provisions: in the 1994 Northridge earthquake (Ms = 6.8) the maximum recorded 
P.G.A. exceeded 0.90 g; the 1995 Kobe earthquake (Ms = 7.2) produced maximum recorded ac-
celeration of a = 0.85 g, while the 2007 Niigata-ken Oki earthquake produced an acceleration of 
a = 1.20 g. Such events have demonstrated that non-linear foundation response is indeed inevit-
able during strong seismic shaking. In fact, ensuring elastic foundation response may even be 
totally undesirable since enormous ductility demands would be imposed on the superstructure. 
On the other hand, allowing “plastic hinging”, in the form of foundation uplift could be benefi-
cial for the superstructure as it would bound the inertial forces transmitted to it [Psycharis and 
Jennings, 1983; Yim & Chopra, 1984; Martin & Lam, 2000; Pecker & Pender, 2000; Faccioli et 
al., 2001; Kutter et al., 2003; Harden and Hutchinson, 2006; Gajan and Kutter, 2008; Kawashi-
ma et al., 2007; Apostolou et al., 2007; Paolucci et al., 2008; Chatzigogos et al., 2009; Anasta-
sopoulos et al, 2010].  

The potential effectiveness of the mechanisms of foundation uplifting on frame structures 
has recently been investigated by Gelagoti et al (2011) for a simple 2-storey 1-bay frame (Fig. 
1). Since foundation plastic "hinging" is mainly in the form of rocking and uplifting of the foot-
ing, the proposed design concept is termed rocking isolation, following the terminology pro-
posed by [Mergos and Kawashima, 2005].  

The authors compared the seismic performance of a conventionally designed structure (with 
square footings of B = 1.7 m) to a specific rocking-isolation alternative (with smaller footings of 
B = 1.4 m, Fig. 1). In this latter case footings were designed so that their moment capacity (Mult) 
is smaller than that of the corresponding column. Hence, when the earthquake demand exceeds 
the footing capacity of the foundation, uplift is promoted. In all cases examined the Safety Fac-
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quacy of the measure is validated through comparison with published analytical and numerical 

results. Finally the paper attempts an investigation on the record characteristics affecting the 

overturning potential of ground motions, concluding that the impact pulse velocity and the 

number of cycles exceeding the toppling acceleration play prominent role.  
 

 



tor against vertical loads was adequately high (FSv > 6) so as foundation rocking prevails and 
soil yielding is impeded.  

Through static pushover and nonlinear dynamic time-history analysis (using an ensemble of 
24 strong motion records), the performance of the rocking−isolated alternative was found to be 
advantageous in very strong seismic shaking, well in excess of the design limits: it survives the 
earthquake demand sustaining non-negligible but repairable damage to its beams and non-
structural elements (infill walls, etc.). Further decrease of foundation width (and subsequently 
further reduction of the foundation moment capacity) was shown to provide even more effective 
rocking isolation, yet at the expense of augmented foundation rotation or increased risk of frame 
toppling. 

Motivated by the need to estimate a safe lower–bound dimension of rocking–isolated frame 
footings this paper aims to develop a simplified yet conservative procedure to estimate the max-
imum credible earthquake displacement demand (δdem). This demand may subsequently be 
combined with the (known) displacement capacity of the rocking superstructure to assess the 
minimum allowable footing dimensions that would ensure structural integrity of the superstruc-
ture. 

 
 

Figure 1: (a) Schematic illustration of the “rocking-isolation” concept that was thoroughly investigated at 

Gelagoti et al (2010): Plastic Strains contours superimposed with deformed mesh when the two frames 

are excited by the extremely strong Takatori (Kobe, 1995) record. The conventionally designed frame 

collapses (plastic hinges are formed at the base of the two columns), while the rocking-isolation alterna-

tive survives despite the severity of the excitation.  

 
Recalling that the apparent period of a rocking system changes constantly during shaking, ris-

ing from zero (in the case of a rigid block glued to its base) to infinity at the state of incipient 
toppling (Fig. 2), Teff can neither be known a-priori nor can it be accurately estimated by means 
of conventional iterative procedure (Makris and Konstantinidis; 2003). Following this reason-
ing, in this research the peak spectral displacement SDmax is proposed as a conservative measure 
of the upper bound displacement demand (i.e. independent of Τeff). It is noted that SDmax is only 
proposed as an index of the maximum anticipated seismic displacement demand, knowing that 
this will not necessarily develop during shaking.  

 

Figure 2. Evolution of the apparent natural period T with imposed displacement δ during rocking of a ri-

gid block on rigid base. At the state of incipient toppling, T tends to infinity.   
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The validity and limitations of this simplified approximation are investigated in the following 
sections for two classes of rocking bodies: (i) a rigid-block on a rigid-base, and (ii) a nonlinear 
frame structure on inelastic soil. 

2 VALIDATION OF THE APPROACH: RIGID BLOCK ON RIGID BASE 
 
The issue of earthquake-induced rocking of rigid blocks on rigid base has been thoroughly inves-
tigated [Housner, 1963; Psycharis & Jennings, 1983; Koh et al., 1986; Makris & Roussos, 2000; 
Apostolou et al., 2007], and quite invariably it was demonstrated that overturning is rather unpre-
dictable − if not chaotic − even for idealized cycloidal pulses as excitation. Hence, attempting to 
accurately quantify the toppling potential of a seismic motion (for a given rigid block) utilizing the 
simplified SDmax criterion would be overly optimistic and is by no means attempted herein. In-
stead, the present study aims to propose SDmax only as a conservative upper-bound of earthquake 
displacement demand δdem, for which toppling will not take place. The exploration presented in 
this paragraph refers to a rigid block on a rigid base subjected to (a) cycloidal (sinus and cosine) 
pulses, and (b) Ricker wavelets. 

2.1 Rigid block excited by sinus and cosine pulses 

A rigid block of width B and height H (Figure 2) is characterized by its angle α = tan
-1

(B/H) and 
the frequency parameter p : 

= 3 4p g R                            (1) 

where � �  ���
��� 	  �


��� .The latter, which can be seen as a measure of the dynamic charac-

teristics of the block, decreases with the size of the block. Zhang & Makris [2001] investigated 
analytically the transient rocking response of free-standing rigid blocks subjected to trigonome-

tric (sine and cosine pulses) base excitation. Their rigorous analytical results are used herein as a 

comparison with the SDmax approach estimations. A relatively “small” block of p = 2.14 rad/s 

and α = 0.25 rad is used as an illustrative example. The block is excited by one-cycle sinus (Fig. 

3a) and cosine pulses (Fig. 3b) of amplitude a and cyclic frequency ωp . The non-dimensional 

toppling acceleration ap/αg is plotted as a function of normalized excitation frequency ωp/p. The 

predictions of the simplified SDmax approach (dinstict markers) are compared with the results of 

the exact analytical solution (shaded areas indicate toppling of the block).  

It can be seen that both in the rigorous and the simplified approach, the non-dimensional top-
pling acceleration ap/αg increases exponentially with ωp/p; this reveals that ap/αg increases with 

excitation frequency and block dimensions � 1 �   �� �⁄ . In fact for the sinus pulse, the SDmax 

approach yields conservative results for the whole frequency range. However, for the cosine 
pulse, although conservative for lower and higher values of the frequency ratio (ωp/p ≤ 1.8 and 

ωp/p ≥ 4.3) it becomes marginally unconservative for intermediate frequencies (1.8 < ωp/p < 

4.3). However this “unsafe region” is of reduced practical interest for relatively large systems 
such as low rise frames where p values normally range between 0.6 < p < 1, and consequently 

the ratio ωp/p is always greater than 4 for pulse periods Tp < 1.6 s (i.e., almost the complete 

earthquake period range).  

2.2 Rigid block subjected to Ricker pulses 

Gerolymos et al. (2005) based on dynamic time-history results, employed artificial neural net-

works to derive closed-form analytical expressions for predicting the overturning acceleration ap 

of a rigid block subjected to Ricker pulses as a function of its geometric properties: Figure 4 de-

picts the comparison of the simplified SDmax- based prediction with the numerical solution of 

Gerolymos et al. (2005) for (i) a medium-size block of p = 3.14 rad/s and α = 0.25 rad, simulat-

ing an electrical transformer ; and (ii) a large-size block of p = 0.76 rad/s and α = 0.30 rad, si-

mulating a slender building. Evidently, in accord with our previous observation, the larger the 



dimensions of the rocking body, the greater the degree of conservatism of the SDmax–based me-
thod, whereas for very high frequency motions the simplified procedure underpredicts the top-

pling capacity by a factor greater than 1.5. 

 
 

Figure 3. Non-dimensional toppling acceleration of a rigid body rocking on a rigid base: Comparison of 

the simplified method (based on the maximum spectral displacement SDmax) with the rigorous analytical 

solution of Zhang & Makris (2001) for two idealized excitation pulses: (a) one-cycle sinus, and (b) one-

cycle cosine . Case study: rigid block of p = 2.14 rad/s and α = 0.25 rad. 

 

 
 

Figure 4. Toppling acceleration ap of a rigid body rocking on a rigid base when excited by Ricker pulses 

of various fE: Comparison of ap estimated by the simplified method with the numerical solution of Gero-

lymos et al. [2005], plotted as a function of excitation frequency fE for : (a) a medium–size block (elec-

trical transformer) of p = 3.14 rad/s and α = 0.25 rad, and (b) a large–size block (slender building) of          

p = 0.76 rad/s and α = 0.30 rad 

 

Overturning 

Area 

Cosine pulse 

– a 

t

+ a 

“Unconservative”   

prediction

0 2 4 6 8 10

ωp / p

(b)

α g

ap

16

12

8

4

0

0 2 4 6 8 10

+ a

– a 

t

Sinus pulse 
Overturning 

Area 

0

4

8

12

16

(a)

Analytical solution

Approximate method

α g

ap

fE (Hz)
0 0.5 1 1.5 2 2.5 3

Overturning 

Area 

p = 3.14 rad/s

α = 0.25 rad

(a)
0

1

2

3

4

ap (g)

0 0.5 1 1.5 2 2.5 3

fE (Hz)
0 0.5 1 1.5 2 2.5 3

Overturning 

Area 

p = 0.76 rad/s

α = 0.30 rad

(b)

0 0.5 1 1.5 2 2.5 3



3 VALIDATION OF THE APPROACH: 2-STOREY FRAME ON INELASTIC SOIL 
 
Having gained confidence on the results of the SDmax approach when implemented to estimate 
the toppling capacity of a rigid block on a rigid base, this section further verifies its effective-
ness for the case of the 2-storey frame founded on nonlinear soil, subjected to both Ricker 
pulses and actual seismic records. To this end time history non-linear FE analyses had been 
conducted for the example frame (of Fig. 1) founded on footings of B = 1.10 m. Based on the 
M–θ response of the two footings (Fig. 5), the toppling rotation is θult = 0.143 rad, correspond-
ing to a toppling displacement at the center of mass of the frame δtopl = 71 cm (ignoring frame’s 
flexibility). Hence, according to the simplified approach, any motion with SDmax < δtopl should 
not provoke toppling of the frame.  

To validate this, the FE model have been subjected to amplitude–scaled excitations with 
SDmax marginally lower than the toppling displacement δtopl of the frame (e.g., SD

- 
= 0.9 δtopl). In 

order to investigate the possible safety margins of the proposed methodology, the input motions 
are also scaled to SDmax = 1.1 δtopl (= 78 cm), denoted SD

+
. 

 

Figure 5. M–θ response of the two frame footings. [Results correspond to the frame of Figure 1 assuming 

foundation width of B=1.1 m]  

3.1 Frame subjected to Ricker pulses 

Ricker pulses of seven different characteristic frequencies, fE = 0.40, 0.50, 0.65, 0.85, 1.00, 1.25, 

and 1.50 Hz, have been used whose amplitude was sequentially increased until toppling of the 
frame. The minimum acceleration amplitude of each motion which provokes failure of the F.E. 

model is considered to be the “actual” (rigorously computed) toppling acceleration ap. Fig. 6b, 

plots ap as a function of normalized frequency ωp/p of the system, and compares it to the pre-
dicted (ap)SD toppling acceleration. Evidently, for all frequencies examined, the simplified ap-

proach yields a reasonably conservative prediction, while the margin of safety increases with in-

creasing ωp/p. 

 
 

Figure 6. Comparison of simplified method with dynamic time history analysis of the frame on nonlinear 

soil subjected to Ricker pulses of various dominant frequencies fE : (a) displacement response spectra SD 

of scaled Ricker pulses (to produce max SD
+
 = 78 cm, (b) comparison of FE computed toppling accelera-

tion ap with the predicted (ap)SD as a function of non-dimensional excitation frequency ωp/p . 
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3.2 Real Records 

18 recorded earthquake motions from the US, Europe, and Asia are utilized as excitation of the 
frame. The records were selected so as to enable us to capture the effects of various parameters, 

such as PGA and PGV, SA and SD, frequency content, duration, number of strong motion 

cycles. As previously, the validity of the SDmax prediction is verified through dynamic nonlinear 
time-history analysis of the frame, where all input motions have been scaled at SD+ (Fig. 7a) 

and SD
− 

values respectively. (Table 1). The produced Spectral Accelerations of the scaled acce-

lerograms are displayed in Fig. 7b. 

Quite encouragingly when the imposed displacement amplitude is SD− – i.e a mere 10% low-

er than the toppling displacement (SD− = 0.9δult) – toppling is avoided for all records. It is inter-

esting to note that even for the SD
+ 

scaled seismic motions (SD
+
 = 1.1δult), in most cases the 

frame will not topple. Yet, in only 2 (and admittedly highly amplified) of the records examined, 

the SD+ scaled ground motion will produce overturning of the frame. Although this observation 

does not question the applicability of the simplified approach (since the imposed SD is 10% 
higher than the toppling displacement δult) a more detailed insight into the factors affecting the 

toppling potential of a seismic excitation is attempted in the next section. 

 

 
Figure 7: (a) displacement and (b) acceleration response spectra of actual acceleration time histories rec-

orded during devastating earthquakes scaled appropriately to achieve SD = 78 cm. Four ground motions 

are distinguished and are further discussed. 

4 INVESTIGATION OF THE TOPPLING POTENTIAL OF A GROUND MOTION 

It is well known that a number of factors affect the toppling potential of a seismic motion [Ma-
kris & Roussos, 2000; Apostolou et al., 2007]. Aiming to better quantify it, a destructiveness 

measure is proposed herein, which is termed as the cumulative impact pulse velocity and is de-

fined as: 

( )= = −∫,max

0

max max
tott

imp imp yieldV V a a dt                (2) 

where ttot is the total duration of the ground motion, a the motion acceleration and ayield is the 

minimum acceleration that when applied pseudostatically to the footing may provoke uplift. An 

approximate yet simple way to calculate ayield is:  

 

������ � ���� � ����
����� !

�"�#                  (3) 

where (SA)D is the design spectral acceleration of the frame, $%�&
'((&�)*

 is the overturning mo-

ment capacity of the footing, and $+,-  is the bending strength of the corresponding column. 

The effect of the aforementioned measure on the toppling potential of ground motions is inves-
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tigated in the sequel for the example frame with footing width B = 1.1 m. For this case 

������ � 0.15 1.  

Figure 8 compares the Lucerne-000 record (Landers, 1992) with the GIC-090 record (San 

Salvador, 1986), both scaled to SD
+
 = 78 cm. Although the Lucerne record contains a large 

number of peaks that exceed the yield acceleration ������ (Fig. 8a), it does not contain a large 

impact velocity pulse Vimp,max (Fig. 8b), and is therefore not leading to appreciable foundation ro-

tation (Fig. 8c). In stark contrast the San Salvador record, despite boasting a considerably small-

er number of strong motion cycles (and duration), is characterized by a substantially larger 

Vimp,max (2.04 m/s compared to 0.78 m/s of Lucerne). Therefore it produces constant accumula-

tion of rotation and eventually causes toppling of the structure. The time histories of Vimp reveal 

the key disparity between the two records. The effect of a clearly recognizable pulse produces a 

prominent "impact" on the structure, dragging it definitely beyond its equilibrium position. De-

pending on the amplitude of this velocity impact pulse, the increase of rotation following loss of 

equilibrium may bring about toppling of the structure. This effect is obvious on the time history 
of footing rotation θ for the San Salvador record: the large impact velocity pulse at t = 1.4 s pro-

duces a large rotation value θ ≈0.08 rad. Although this rotation alone is undeniably far lower 

than the toppling rotation θult = 0.186 rad, it causes an irrecoverable deviation from the initial 

equilibrium position while the subsequent strong motion cycles generate further accumulation of 

θ until, ultimately, toppling. The picture is significantly altered in case of the Lucerne record. 

Despite its multitude of strong motion cycles substantially exceeding ������, none of them 

boasts the kinematic characteristics (asymmetry and low frequency, i.e. large duration) to pro-
duce a large enough Vimp. As a result, the produced footing rotation θ fluctuates around zero, 

while the residual rotation remains relatively small. 

The previous comparative example suggests that Vimp,max may reveal certain characteristics of 
a seismic motion, mainly related to the existence of impact velocity pulses. However, it is still 

not adequate for the complete description of the toppling potential of a strong earthquake mo-

tion. For this purpose, the JMA-000 record (Kobe, 1995) is compared with a Ricker 1 pulse (i.e. 

fE = 1 Hz). As shown in Fig. 9, the Ricker 1 pulse (scaled with respect to PGA) describes suffi-

ciently the prevailing strong motion pulse of the JMA record.  

In the context of the SDmax approach, the two ground motions are scaled to SD
+
 = 78 cm. As 

shown in Fig. 9a, the Ricker 1 requires larger scaling (PGA =2.2 g) to produce the same maxi-

mum spectral displacement with the JMA record (whose PGA = 1.4 g). Despite the fact that its 

impact pulse velocity Vimp,max = 2.1 m/s (Fig. 9b) is substantially larger than that of the scaled 

JMA record (of Vimp,max = 1.87 m/s), Ricker 1 is clearly inadequate to provoke toppling. The ro-
tation θ ≈0.09 rad generated by the first pulse of Ricker 1 (Figure 9c ) is recovered during the 

next (of opposite direction) cycle of motion. Due to the lack of subsequent strong motion pulses, 

the loss of equilibrium does culminate in toppling. On the other hand, the JMA record contains a 

prevailing strong motion cycle (at t = 8 s) which generates similar footing rotation θ as Ricker 1, 

however, its subsequent strong motion cycles which exceed ������ produce gradual accumula-

tion of θ ultimately resulting in toppling, which reveals that the number of cycles exceeding  

������  play an important role in the toppling potential of the ground motion. 

4.1 The paradox of the Chi-Chi Record 

The preceding discussion focused on the safety margin provided by the simplified SDmax ap-

proach, revealing that a Factor of Safety of the order of 1.1 may be considered adequate for real 

seismic motions. In reality, however, such tremendous seismic motions (e.g. the devastating 
JMA record scaled up at 1.4 g) have never been recorded and cannot possibly be considered rea-

listic, especially for design purposes. This observation is of particular importance, since it im-

plies that toppling can be quite improbable for real seismic motions, even in case of occurrence 
of extremely strong earthquakes (such as the ones deliberately selected for analysis), and even 

for extremely under-designed footings (B = 1.1 m).  

Although the selected records cover a wide range of seismic motions, none of them is charac-



terized by fling-step effects ─ a different category of near-source effects, associated with large 
permanent displacement rather than a large velocity pulse. As shown in the examples of Figure 

10a, such ground motions are characterized by excessively large spectral displacements. For ex-

ample, the TCU-068 records (Chi-Chi, Taiwan 1999) yield SDmax of the order of several meters, 
i.e. almost an order of magnitude larger than δult . With such large SDmax , it would be expected 

that the structure would easily be lead to toppling. To unravel the response of the system when 

subjected to this special category of near-source seismic motions, additional analyses are con-

ducted utilizing the original records (without any scaling). Quite remarkably, even for the very 

extreme case of the TCU-068(NS) record (Fig. 10a), the footing experiences almost negligible 

rotation θ (Fig. 10b), and the structure is not toppling.  
As paradox as this may appear, it is explainable on the basis of the acceleration time history. 

Despite the large SDmax, the yield acceleration ayield is only slightly exceeded, and not for a long 

duration. This means that both Vimp and tyield , and consequently TPi , are not large enough to 
provoke toppling. This implies that the long-period (almost quasi-static) component of the seis-

mic motion, which is responsible for the excessive SDmax , is not really exceeding ayield and, 

therefore, cannot lead to toppling. As clearly seen in Fig. 10a, the acceleration pulses that do ex-
ceed ayield are of much higher frequency, and are not associated with the large SDmax of the 

record. This example reveals the notable conservatism of the simplified approach, for such spe-

cial cases of near source seismic motions characterized by fling-step effects. 

 
 

Figure 8. Nonlinear dynamic time history analysis — comparison of the effects of the Lucerne-000 (left 

column) with the GIC-090 (right column) record, both scaled to SD
+
 = 78 cm : (a) time histories of “im-

pact velocity” Vimp (bold black line), and (b) time histories of footing rotation θ.  
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Figure 9. Nonlinear dynamic time history analysis – comparison of the effects of JMA-000 record with 

the Ricker 1 pulse both scaled to SD+ = 78 cm : (a) time histories of “impact velocity” Vimp (bold black 

line and (b) time histories of  footing rotation θ.  
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Figure 10. (a) Displacement response spectra of near-source motions characterized by fling-step effects. 

Nonlinear dynamic time history analysis of the frame subjected to seismic excitation with the TCU-068 

(NS) record (Chi-Chi, Taiwan 1999) : (b) acceleration time history (the grey-shaded line represents the 

portion of the acceleration time history which lies below the yield acceleration αyield – only a very small 

portion of the record exceeds αuplift ; (c) time history of footing rotation θ. 
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1 INTRODUCTION 
 

 
According to the present capacity design principles, the foundation is designed so as to behave 
elastically even under extreme earthquake shaking. This is typically achieved by imposing con-
servative factors of safety against all possible “failure” modes such as mobilization of bearing-
capacity, uplifting and/or sliding on the supporting ground. Nevertheless, a growing population 
of researchers suggest the need to relax some of the aforementioned criteria and allow for a de-
sign that accounts for, or even promotes inelastic action at the foundation level. Following this 
reasoning, the idea of “rocking isolation” [Mergos and Kawashima 2005] has recently been 
proposed as an alternative seismic design philosophy in which soil failure is not only not prohi-
bited but is rather used as a “fuse”: the foundation is deliberately “under-designed” to promote 
rocking, thus limiting the inertia forces transmitted onto the superstructure. The potential effec-
tiveness of such a design scheme has been explored analytically by, among others [Anastaso-
poulos et al., 2010] and experimentally [Anastasopoulos, 2010; Drosos et al., 2011] for an idea-
lized RC bridge pier, and for idealized 2-storey RC frame structures [Gelagoti et al., 2011a; 
2011b].  

For the particular frame examined by Gelagoti (2010) which was founded on clay with un-
drained shear strength Su = 150 kPa, it was testified that the new design method was beneficial 
in terms of settlement and floor drift especially in case of an earthquake far exceeding the limits 
set by the current design codes. The new design method was proven to be particularly effective 
when a safety factor against vertical loads of greater than FSv ≈ 5 is ensured: foundation rock-
ing prevails against soil yielding thus reducing the residual settlement and rotation of the foot-
ing. Still, however, for lower FSv values, collapse may be avoided –although at the cost of in-
creased distortion.  

Despite this quite encouraging outcome, question still remains as to the generalization poten-
tial of the results to less idealized cases, such as practical applications where the exact soil 
properties cannot be a priori guaranteed thus jeopardizing the applicability of rocking isolation. 
In an effort to overcome this obstacle, this paper investigates the potential of shallow soil im-
provement, a concept commonly applicable in geotechnical engineering as a means to increase 
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soil strength and reduce settlements. The adequacy of shallow only mitigation stems from the 
nature of foundation rocking which mobilizes only a shallow stress bulb within the soil layer.  

2 METHODOLOGY AND NUMERICAL MODELING 
 
A rather extreme scenario is considered hereafter in order to examine the adequacy of shallow 
soil improvement. It is tactically assumed that the frame investigated by Gelagoti et al (2010) is 
founded on soil of undrained shear strength Su = 50 kPa yielding a mere FSV ≈ 2.6 instead of 
FSV ≈ 5 (when Su =150 kPa) which was found to be necessary in order to promote efficient up-
lifting. The effect of applying shallow soil improvement on the low FSv profile is subsequently 
examined by parametrically varying its depth d (expressed as a ratio of the foundation width B). 
The following sections compare the behavior of the frame under various loading scenarios, 
considering the FSv = 5 condition as the target scenario. In case of two-layered profiles, the im-
proved layer’s strength has been considered equal to Su = 150kPa, while the underlying one was 
maintained at Su = 50kPa (Figure 1). 
 
 

Figure 1. Geometry and member properties of the problem analyzed  
 
 

Analyses have been performed utilizing the FE code ABAQUS (Figure 2). Soil is modeled 
with nonlinear quadrilateral continuum elements, assuming plane strain conditions. The soil 
foundation interface is modeled using special interface elements which allow both detachment 
and sliding. The seismic excitation (i.e acceleration time history) is applied at the base of the 
model. Free field boundaries are used at the two lateral boundaries of the model. Nonlinear soil 
behavior is modeled through a simple kinematic hardening model with Von Mises failure crite-
rion, and associated flow rule. The model capability to effectively capture the rocking response 
of foundations has been validated against centrifuge model tests by Anastasopoulos et al.     
(2011). Non linear 2-D beam elements have been used for the modeling of RC beams and col-
umns of the frame. The reinforced concrete constitutive model was the same as the one used for 
the soil, after proper adaptation, to simulate the non-linear moment–curvature response of the 
superstructure reinforced concrete members. In order to effectively capture the RC sections be-
havior, the model parameters are calibrated against moment-curvature relationship computed 
through section analysis in the X-tract 2000 software in accordance with the details of Vintzi-
laiou et al. (2007). 
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3 EFFECT OF SOIL IMPROVEMENT ON THE FOOTING’S BEARING CAPACITY 
 
A series of initial vertical monotonic push-down tests were performed in order to calculate the 
safety factor against vertical load for all the subsequent analyses, including those on homoge-
neous soil as well the layered profiles to be discussed in the following sections. As explained 
previously, foundation rocking (and hence rocking-isolation) may materialize through the re-
duction of foundation dimensions. However, even once foundation rocking is ensured, the latter 
will respond to strong ground shaking either trough uplifting from the supporting soil when the 
factor of safety against vertical load FSv is large, or by sinking due to excessive soil yielding in 
case of lower FSV values. This may result in large residual displacements possibly unacceptable 
for the design. Evidently, ensuring an adequately large FSV in order to promote uplifting, pre-
sumes that soil properties are known; a rather overoptimistic assumption in engineering prac-
tice. Shallow soil improvement provides a reasonable means of overcoming the ambivalence 
that such uncertainties cause to design by ensuring well known soil properties within the top 
soil layer. Based on the reasoning of the previous section, it is rational to expect that although 
the improved properties of the top layer are not adequate to increase the global factor of safety 
against vertical loads, they will definitely assist the desired uplifting response of the shallow 
foundation.  

 
 

Figure 2. Finite element model  
 
 

Figure 3 shows the corresponding safety factors versus the thickness of the improved surface 
layer for the soil profiles discussed previously. As expected, increasing the depth of the im-
proved layer results in increased foundation capacity. It seems that a significant increase in 
safety factor for vertical loads takes place even when the thickness of the improved layer is rel-
atively small. The rate of increase of FSv is initially high, but gradually decreases for larger 
values of the d/B ratio. This drop in increase rate can be explained by the fact that the stress 
bulb produced by vertical loading is enclosed within the improved layer (for d / B > 1) and thus 
further increase of the depth of the improved layer has no influence on the failure load.  
 



 
Figure 3. Evolution of Foundation Bearing Capacity and Safety factor against vertical loads with 
increasing depth of mitigation zone  
 
 

 

Figure 4. Frame subjected to slow cyclic horizontal loading: comparison of the distribution of 
plastic deformations produced after (a) the first and (b) the ninth cycle of loading  
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4 FRAME SUBJECTED TO LATERAL LOADING  

4.1 Response to monotonic and Cyclic Loading 

Initially, the models have been subjected to slow cyclic displacement-controlled push–over 
loading in the horizontal direction. Displacement is imposed on the upper left node of the 
frame, and consists of 10 cycles of amplitude δ = 1.2 m. This value corresponds to 75% δu , 
where δu is the toppling displacement of the particular frame.  
Figure 4 compares the response after the 1

st
 and after the 9

th
 cycle in terms of contours of pro-

duced plastic strains for the two examined systems: (a) homogeneous soil with Su = 50 kPa and 
(b) two-layered with a surface layer of thickness d / B = 0.5 and undrained shear strength Su1 = 
150 kPa. Apparently, the existence of the improved zone drastically reduces the plastification 
underneath the footings (Fig. 4a) while it limits the rate of settlement accumulation. Even after 
the 9

th
 cycle of loading, plastification is restricted within the mitigation zone without penetrat-

ing the underlying weak soil stratum.  
 

4.2 Response to moderately strong seismic shaking 

 
The aim of these analyses was to determine the response of the system under different seismic 
excitations and, through this procedure, estimate the adequate soil improvement depth. Initially, 
the frame was subjected to relatively moderate seismic excitations (i.e. within its design limits). 
In this case, interest is mainly focused in serviceability after the end of the earthquake. There-
fore, parameters such as the irrecoverable deformation of the foundation are expected to be cru-
cial in assessing design effectiveness. The response of the frame on improved soil (of depth d / 
B = 0.5 and 1.0) is compared to its response when founded on: 

(a)  the unimproved homogeneous soil profile of Su = 50 kPa (FSV = 3) and 

(b)  the “target” case of a competent profile of Su = 150 kPa (FSv ≈ 5).  
 

 

Figure 5. Frame excited by the Duzce 1999 record: comparison of vertical displacement versus 
rotation (w-θ ) loops for the case of (a) homogeneous Su = 50 kPa , (b)  two layered profile 
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d/B= 0.5 , (c)  two layered profile d/B= 1 ; and (d) homogeneous Su = 150 kPa .  
 

Figure 5 compares the evolution of settlements as a function of rotation angle of the left footing 

for the four systems examined, when the model is subjected to the Duzce180 record (Duzce, 

Turkey 1999 earthquake). Indeed, the response of the FSV ≈ 3 footing deviates substantially 

from the target FSV ≈ 5 response: the footing accumulates settlement w during each strong mo-

tion cycle, reaching a peak value of 4.5 cm instead of a mere 0.5 cm in the high FSv case. Such 

a high unanticipated settlement under the design earthquake definitely questions the servicea-

bility of the frame and should be avoided. Quite encouragingly, it is seen (Figs. 5b and c) that 

the use of an improved layer of depth only d/B = 0.5 significantly reduces the settlements, yet 

not approaching the minimal settlement developed in the target homogeneous profile. The de-

sired behavior is better captured when the improved crust’s depth increases to d / B = 1 (Figure 

6c), which practically creates the necessary conditions to ensure a rather efficient uplifting re-

sponse of the foundation.  
 
 

 

Figure 6. Frame excited by the Tabas 1981 record: comparison of vertical displacement versus 
rotation (w-θ ) loops for the case of (a) homogeneous Su = 50 kPa , (b)  two layered profile 
d/B= 0.5 , (c)  two layered profile d/B= 1 ; and (d) homogeneous Su = 150 kPa .  

 

4.3 Response to very strong seismic shaking 

The effectiveness of shallow mitigation becomes palpably more impressive in case of the frame 
subjected to the Tabas (Tabas, Iran 1981) which overly exceeds the structure’s design spec-
trum. The record is characterized by a multitude of strong motion cycles while its PGA exceeds 
0.81 g. The evolution of settlements as a function of the rotation angle when the frame is 
founded on improved soil is illustrated in Figures 7b and c. In case of the weak (FSv = 3) pro-
file, the under-designed footings of the frame accumulate severe differential settlement (reflect-
ed in the developed rotation) which gradually causes the frame to practically collapse. Appar-
ently, the sequence of many strong motion cycles produces significant plastification extending 
to large soil depths which, in turn, brings about irrecoverable foundation (and structural) distor-
tion. The beneficial effect of using an improved surface layer with depth ratio just d / B = 0.5 in 
preventing the collapse of the building becomes obvious: it limits extent of soil yielding and 
aborts the development of permanent rotation which is responsible for the distortion of the su-
perstructure (Figure 7b). The behavior is further improved when the improvement depth is d/B 
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= 1. The foundation response tends to imitate that of the target (FSV ≈ 5) profile. Although the 
rocking–induced residual settlement of the foundation is higher than in the homogeneous 
Su=150 kPa profile (3cm instead of 2cm), it is considered as a relatively fair price to pay. 

 

5 SUMMARY & CONCLUSIONS 

 
The dynamic response of the system has been simulated employing nonlinear dynamic time his-
tory analysis. A quite comprehensive database of 20 recorded time-histories was used as input 
to assess the seismic performance of the systems under different earthquake scenarios. The se-
lected records incorporate the effect of a wide range of strong-motion parameters such as PGA, 
PGV, SA, SV, frequency content, number of strong motion cycles, duration.  

Figure 7 displays comparative collective results of the settlement for the left footing. Ob-
viously, the use of a surface layer of depth only d / B = 0.5, significantly reduces the residual 
settlement for all seismic excitations although the target behavior of the homogeneous Su = 150 
kPa case is not perfectly imitated. Further increase of the soil improvement depth to d / B = 1 
further reduces the residual settlements while the foundation behavior resembles that achieved 
in case of the target profile.  

It is concluded that the use of a shallow improved soil layer of depth d/B = 1 is able to reduce 
the risk of settlement associated with uncertainties in the proper estimation of soil properties. 
The use of the improved surface layer has a favorable effect for the majority of the examined 
seismic records limiting settlement and damage in structural members.  

 

 
Figure 7. Conclusive results. Comparison of the residual settlement for all investigated earth-
quake scenarios for all the examined scenarios: (a) homogeneous Su = 50 kPa , (b)  two 
layered profile d/B= 0.5 , (c)  two layered profile d/B= 1 ; and (d) homogeneous Su = 150 kPa .  
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1 INTRODUCTION–SCOPE OF STUDY  
 
For systems whose deformation involves restoring mechanisms with a dominant linear compo-
nent, the viscous-elastic response spectra, SA SV SD, of a particular accelerogram provide an ef-
ficient indication of its potential to cause unacceptable amplitudes of deformation in various 
structures (as a function of their elastic fundamental period). However, for systems with 
strongly nonlinear and/or inelastic restoring mechanisms, elastic response spectra are often in-
adequate descriptors of the damage potential. This is absolutely true in cases where no elastic 
component of restoring mechanism is present, such as with systems which rely solely on fric-
tion for lateral support. An example in structural engineering is the (flat) friction–isolated struc-
tures. In geotechnical engineering, gravity retaining walls and slopes rely primarily on frictional 
interfaces (rather than elasticity) for lateral seismic support. In general, ductile structures de-
signed to respond mainly in the inelastic region, have restoring force-displacement relationships 
which resemble the frictional mechanism. 
  An abstraction has been inspired by the above applications. To assess the potential of an ac-
celerogram to inflict large irrecoverable deformation on highly inelastic systems, the seismic 
behavior of two idealized systems is explored. They are to be thought of as analogues of actual 
inelastic systems: (a) the sliding of a rigid block on a horizontal base, and (b) sliding of a rigid 
block on an inclined (≥ 25

o
) base, [called Newmark’s sliding in the geotechnical literature]. 

These two systems are characterized by a rigid–plastic symmetric (a), or asymmetric (b), restor-
ing–force–displacement relationships obeying Coulomb’s friction law, as presented in Figure 1. 
The supporting base of each system is subjected to a particular ground motion under investiga-
tion, and the size of the resulting inelastic/nonlinear response serves as an index of the damage 
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ABSTRACT: The scope is to estimate qualitatively and quantitatively the potential destructive-
ness of earthquakes on structures characterized by inelastic response. To this end, earthquake 
records are utilized studying several seismological parameters as destructiveness indices of 
earthquake shaking. We employ twenty six widely acknowledged indices, such as the Arias in-
tensity, the Housner intensity, the destructiveness potential factor, the acceleration spectrum in-
tensity, the specific energy density etc. A large number (eighty nine) of earthquake records are 
selected, paying particular attention to include ground motions with strong near-fault character-
istics: forward directivity and fling. Apart from the seismological parameters, sliding displace-
ment on an inclined plane is utilized as an additional destructiveness index representative of the 
inelastic response of structural systems. In particular, we adopt the Newmark’s model of a rigid 
block resting on an inclined surface (governed by the Coulomb friction law) subjected to seis-
mic excitation. The results are presented in form of sliding displacement versus each one of the 
seismic indexes. By comparison we conclude to specific indices which can describe satisfacto-
rily the inelastic response.   
 
 



that this motion can inflict on the corresponding class of inelastic systems―the “destructive-
ness” potential of the motion. 

 
 
 
 
 
 
 
 
 
 
 
 
 

 
Figure 1. Schematic representation of the Newmark 1965 sliding-block analogue and friction force as a 
function of slip displacement.  

2 TYPES OF DESTRUCTIVENESS INDICES 

2.1 Newmark’s asymmetric sliding response  

The analysis of the behavior of a block on horizontal or inclined base which is subjected to motion 
A(t) parallel to the plane is obtained from elementary rigid body kinematics along with Newton’s 
second law of motion. The critical acceleration(s) which must be exceeded for slippage to be initi-
ated are simply:  

                         AC1  = (µ cos β – sin β) g                  (1) 
                         AC2  = (µ cos β + sin β) g                   (2) 

  
in which AC = the critical acceleration for sliding in either direction of the symmetric system; µ = 
the (constant) coefficient of friction; AC1 and AC2 are the critical accelerations for downhill and 
uphill sliding respectively, for the asymmetric system of a plane inclined at an angle β. Usually 
AC1 << AC2 and as a result sliding takes place only downhill. 

Whenever the base acceleration exceeds AC or AC1 (or, rarely, AC2) slippage of the block 
takes place with respect to the base. This slippage lasts only momentarily, thanks to the tran-
sient nature of earthquake shaking; it terminates as soon as the velocities of the base and the 
block equalize. And the process continues until the motions of both the block and the base 
eventually terminate. The maximum and/or the permanent amount of slippage is taken as the 
damage of the idealized system (analogue). 

2.2 Intensity indices 

Numerous parameters of a ground motion have been proposed over the years to serve as indices 
of the “damage potential” of a ground motion. Such indices are often called “Intensity Meas-
ures” (IM). Several such IM are tested herein against the amount of slippage induced by a 
ground motion. Specifically, the examined indices include: the Arias intensity (IA), the Housner 
intensity (IH), the RMS acceleration; or velocity; or displacement (ARMS, VRMS, DRMS), the char-
acteristic intensity (IC), the specific energy density (SE), the cumulative absolute velocity 
(CAV), the sustained maximum acceleration and velocity (SMA and SMV respectively), accel-
eration and velocity spectrum intensity (ASI and VSI), the acceleration parameter A95, the pre-
dominant period (TP), the mean period (Tmean), the significant duration (Dsig), the destructive-
ness potential factor (PD), and the ratio Vmax

2/Amax of the peak velocity squared divided by PGA.  
Next all these parameters are presented in detail: 

 
• Arias Intensity, IA, is proportional to the integral of the squared ground acceleration A(t) 

time history: 
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• Housner Intensity, IH, is the integral of the pseudo-velocity spectrum over the period range  
[ 0.1 s, 2.5 s] : 

( )∫ ==ΙΗ

5.2
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%5, dTTSV ξ                                              (4)                                

where SV(T,ξ) is the pseudo-velocity response spectrum (Housner, 1952). 
 

• RMS acceleration, ARMS, is the square root of the mean acceleration: 
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where TD is the length of the record and A(t) is the acceleration time history. 
 
• RMS velocity, VRMS, is the root mean square of velocity: 
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where TD is the length of the record and V(t) is the velocity time history. 
 
• RMS displacement, DRMS, is the root mean square of displacement: 
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where TD is the length of the record and D(t) is the displacement time history. 
 
• Characteristic Intensity, IC, is defined as: 

( ) DRMSC ΤΑ=Ι 2/3
                                                 (8) 

where TD is the length of the record. 
 
• Specific Energy Density, SE, is calculated from the expression: 

 ∫=Ε dttVSS )(
4

S 2ρβ
                                               (9) 

where V(t) is the ground velocity time history, βS is the wave velocity and ρS is the mass den-
sity of the recording site (Sarma, 1971). 
 
• Cumulative Absolute Velocity, CAV, is defines as: 
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where A(t) is the ground acceleration, N is the number of 1-second time windows in the time 
series, PGAi is the PGA (in g) during time window i, ti is the start time of time window i, Amin is 
an acceleration threshold (user-defined, but usually taken as 0.025g) to exclude low amplitude 
motions contributing to the sum, and H(x) is the Heaviside step function (unity for x>0, zero 
otherwise). 



 
• Sustained Maximum Acceleration, SMA, is the third highest absolute peak in the accelera-

tion time history, proposed by Nuttli (1979).  
 
• Sustained Maximum Velocity, SMV, is the third highest absolute peak in the velocity time 

history, proposed by Nuttli (1979).  
 
• Acceleration Spectrum Intensity, ASI, is calculated as:  

( )∫ ΤΤ= Α dSASI %,5                                               (11) 

where SA(5%,T) is the spectral acceleration for 5% damping and T is natural period [see 
Kramer (1996)]. 

 
 

• Velocity Spectrum Intensity, VSI, is calculated from:  

 ( )∫ ΤΤ= dSVSI V %,5                                              (12) 

where SV(5%,T) is the spectral pseudo-velocity for 5% damping and T is natural period [see 
Kramer (1996)]. 

 
• Acceleration parameter A95 is the level of acceleration which contains up to 95% of the 

Arias Intensity [Sarma & Yang (1987)]. 
 

• Predominant Period, TP, evaluated using the 5% damped acceleration response spectrum, 
and corresponds to the period of the maximum spectral acceleration, as long as TP > 0.20 
sec. 
 

• Mean Period, Tmean, is defined based on the Fourier amplitude spectrum. The mathematical 
expression is: 
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where Ci is the Fourier amplitude for each frequency fi within the range 0.25–20 Hz.   
 

• Significant Duration, Dsignif, is the interval of time between the accumulation of 5% and 95% 
of Arias Intensity. 
 

• Destructiveness Potential Factor, PD, is the ratio between the Arias Intensity IA and the   
square of the number of zero crossings per second of the accelerogram ν0

2: 
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as introduced by Araya & Saragoni (1984) and by Crespellani et all (2003). 

3 GROUND MOTIONS 
 
A large number (99) of recorded ground motions are utilized for this test. The selection was 
such as to cover many of the well known accelerograms from earthquakes of the last 30 years, 
and to include motions bearing near-fault characteristics: directivity and fling effects. Table 1 



lists these records along with their PGA, PGV, and PGD values. Each accelerogram imposed 
with its recorded sign (normal polarity) and with opposite sign (reverse polarity). 
 
 
Table 1. List of significant earthquake records bearing the effects of ‘directivity’ and ‘fling’, utilized as 
excitations in this study. _______________________________________________________________________________________ 

Record Name                       PGA [g]   PGV [m/s]   PGD [m]    _______________________________________________________________________________________ 

Fukiai                                0.763         1.232         0.134 
JMA–0º                               0.830         0.810         0.177 
JMA–90º                                           0.599         0.761         0.199 
Nishi Akashi–0º                                 0.509         0.357         0.091 
Nishi Akashi–90º                                    0.503         0.356         0.109 
Shin Kobe–NS                         0.422         0.688         0.169 
Takarazuka–0º                         0.693         0.682         0.274 
Takarazuka–90º                         0.694                  0.853         0.167 
Takatori–0º                             0.611         1.272         0.358 
Takatori–90º                             0.616         1.207         0.328 _______________________________________________________________________________________ 

No 4–140º                                      0.485         0.374         0.202 
No 4–230º                              0.360         0.766         0.590 
No 5–140º                              0.519                0.469         0.353 
No 5–230º                                      0.379         0.905         0.630 
No 6–140º                             0.410         0.649         0.276 
No 6–230º                            0.439         1.098         0.658 
No 7–140º                             0.338                   0.476         0.246 
No 7–230º                            0.463         1.093         0.447 
No 9 Differential Array–270º              0.352         0.712         0.458 
No 9 Differential Array–360º             0.480         0.408         0.140 _______________________________________________________________________________________ 

Lucerne–0º                           0.785         0.319         0.164 
Lucerne–275º                                  0.721         0.976         0.703 
Joshua Tree–0º                        0.274         0.275         0.098 
Joshua Tree–90º                       0.284         0.432         0.145 _______________________________________________________________________________________ 

Pacoima Dam–164º                     1.226         1.124         0.361 
Pacoima Dam–254°                    1.160         0.536         0.111 _______________________________________________________________________________________ 

Erzincan (Station 95)–EW               0.496         0.643         0.236 
Erzincan (Station 95)–NS                 0.515         0.839         0.312 _______________________________________________________________________________________ 

Los Gatos Presentation Center–0º          0.563         0.948         0.411 
Los Gatos Presentation Center–90º         0.605         0.510         0.115 
Saratoga Aloha Avenue–0º              0.512                0.412         0.162 
Saratoga Aloha Avenue–90°             0.324         0.426         0.275 _______________________________________________________________________________________ 

Karakyr–0º                           0.608         0.654         0.253 
Karakyr–90º                         0.718                0.716         0.237 _______________________________________________________________________________________ 

Jensen Filtration Plant–22º               0.424         0.873         0.265 
Jensen Filtration Plant–292º              0.592                1.201         0.249 
L.A. Dam–64º                        0.511                 0.637         0.211 
L.A. Dam–334º                        0.348                 0.508         0.151 
Newhall Firestation–90º                 0.583         0.524         0.126 
Newhall Firestation–360º                0.589         0.753         0.182 
Pacoima Dam  (downstream)–175º       0.415         0.456         0.050 
Pacoima Dam  (downstream)–265º      0.434         0.313         0.048 
Pacoima Kagel Canyon–90°             0.301         0.379         0.095 
Pacoima Kagel Canyon–360°            0.432                 0.452         0.069 
Rinaldi–228°                          0.837         1.485         0.261 
Rinaldi–318°                          0.472         0.627         0.166 
Santa Monica City Hall–90°              0.883                0.403         0.102 
Santa Monica City Hall–360°             0.369         0.232         0.059 
Sepulveda VA–270°                    0.753         0.848         0.186 
Sepulveda VA–360°                    0.939         0.766         0.149 



Simi Valley Katherine Rd–0º             0.877         0.409         0.053 
Simi Valley Katherine Rd–90°            0.640         0.378         0.051 
Sylmar Hospital–90º                    0.604         0.744         0.165 
Sylmar Hospital–360º                   0.843         1.027         0.256 _______________________________________________________________________________________ 

TCU 052–EW                          0.350         1.743         4.659 
TCU 052–NS                         0.437         2.186         7.319 
TCU 065–EW                         0.450         1.298         1.820 
TCU 065–NS                             0.554         0.876         1.254 
TCU 067–EW           0.487                0.973         1.953 
TCU 067–NS            0.311         0.536         0.849 
TCU 068–EW           0.491         2.733         7.149 
TCU 068–NS            0.353         2.892         8.911 
TCU 075–EW           0.324         1.143         1.692 
TCU 075–NS            0.254         0.360         0.414 
TCU 076–EW           0.335         0.706         1.223 
TCU 076–NS            0.416         0.617         0.662 
TCU 080–EW           0.968         1.076         0.186 
TCU 080–NS            0.902         1.025         0.340 
TCU 084–EW           0.986         0.923         0.910 
TCU 084–NS            0.419         0.486         0.966 
TCU 102–EW           0.297         0.870         1.478 
TCU 102–NS            0.168         0.705         1.062 _______________________________________________________________________________________ 

Duzce–180º            0.312         0.474         0.285 
Duzce–270º            0.358         0.464         0.176 
Sakarya–EW            0.330         0.814         2.110 
Yarimca–60º            0.231         0.906         1.981 
Yarimca–330º            0.322         0.867         1.493 _______________________________________________________________________________________ 

Tabas–LN             0.836         0.978         0.387 
Tabas–TR                             0.852       1.212         0.951 _______________________________________________________________________________________ 

National Geographical Institute–180º     0.392         0.566         0.206 
National Geographical Institute–270º    0.524         0.753         0.116 
Geotechnical Investigation Center–90º     0.681         0.793         0.119 
Geotechnical Investigation Center–180º   0.412         0.602         0.201 
Institute of Urban Construction–90º       0.380         0.441         0.173 
Institute of Urban Construction–180º    0.668         0.595         0.112 _______________________________________________________________________________________ 

Bolu–0º                0.728         0.564         0.231 
Bolu–90º                             0.822          0.621         0.135 
Duzce–180º            0.348         0.600         0.421 
Duzce–270º            0.535         0.835         0.516 _______________________________________________________________________________________ 

 

4 ANALYSES RESULTS 
 
At this point, the results here are for the asymmetric sliding system, as shown in Figure 1. Fig-
ure 2 illustrates the correlation between Arias intensity and slippage. Figure 3 demonstrates 
slippage, D, according to the peak acceleration, velocity and displacement values for all the 99 
ground motions. Next, at Figure 4 sliding response is depicted in correlation with the potential 
destructiveness factor, PD.  
  Figures 5-9 pictured asymmetric sliding versus the rest Intensity Measures (IM). Further-
more, Table 2 presents the correlation index, R2, between asymmetric sliding response, D, and 
each IM, covering the parametric range of our study. 

 
 
 
 
 



 
 
 
Figure 2. Correlation between the Arias Intensity, IA, of the records utilized as excitation in our study and 
the triggered sliding displacement, D, for three values of critical acceleration AC. A linear trend line is 
plotted for each case, with the correlation index, R2, stated.  

 
 
 

 
 

 
 



 
 
Figure 3. Slippage, D, with respect to the most widely used ground motion characteristics: (a) peak ground 
acceleration–in the first column from the left, (b) peak ground velocity–in the second column, and (c) 
peak ground displacement–in the last column to the left.  

 
 

Table 2. Correlation index, R, between asymmetric sliding response, D, and seismic indices of destruc-
tiveness, covering the parametric range of our study. ______________________________________________________________________________________________________ 

Correlation Index, R                    AC1 = 0.05g    AC1 = 0.10g   AC1 = 0.20g ______________________________________________________________________________________________________ 

Peak Ground Acceleration, PGA        0.09       0.18      0.29 
Peak Ground Velocity, PGV          0.59       0.32      0.15 
Peak Ground Displacement, PGD        0.31       0.10      0.001 
Arias Intensity, IA             0.46       0.64      0.75 
Destructiveness Potential Factor, PD       0.58       0.73      0.69 
Housner Intensity, IH            0.52       0.67      0.71 
RMS Acceleration, ARMS           0.23       0.25      0.24 
RMS Velocity, VRMS            0.54       0.26      0.12 
RMS Displacement, DRMS           0.07       0.03      0.004 
Spectral Displacement at T=1 sec, SD/(T=1s)     0.36       0.53      0.61 
Spectral Displacement at T=2 sec, SD/(T=2s)     0.61       0.61      0.45 
Spectral Displacement at T=3 sec, SD/(T=3s)     0.31       0.19      0.05 
Spectral Displacement at T=4 sec, SD/(T=4s)     0.23       0.08      0.00  
Characteristic Intensity, IC          0.39       0.51      0.55 
Specific Energy Density, SE          0.49       0.23      0.07 
Cumulative Absolute Velocity, CAV       0.44       0.51      0.52 
Sustained Maximum Acceleration, SMA      0.16       0.23      0.29 
Sustained Maximum Velocity, SMV       0.53       0.36      0.16 
Acceleration Spectrum Intensity, ASI       0.08       0.17      0.30 
Velocity Spectrum Intensity, VSI        0.53       0.68      0.73 
Acceleration Parameter, A95          0.11       0.19      0.27 
Predominant Period, TP           0.17       0.15      0.14 
Mean Period, Tmean             0.15       0.07      0.002 
Significant Duration, Dsig           0.001      0.003     0.006 _______________________________________________________________________________________________________ 



 

 
 

 
 

Figure 4. The influence of potential destructiveness factor PD (as defined by Araya & Saragoni, 1984) on 
sliding displacement D, for three levels of critical yielding acceleration AC: 0.05 g, 0,1 g, and 0.2 g.  

 



 
 

Figure 5. Correlation between the Housner Intensity, IH, of the records utilized as excitation in our study 
and the triggered sliding displacement, D, for three values of critical acceleration AC. A linear trend line is 
plotted for each case, with the correlation index, R2, stated.  
 



 
 

Figure 6. Slippage, D, in connection with the Root Mean Square values: (a) RMS acceleration–in the first 
column from the left, (b) RMS velocity–in the second column, and (c) RMS displacement–in the last col-
umn to the left.  
 

5 CONCLUSIONS 
 
As an index of the structural response of yielding systems we adopt the Newmark’s model of a 
rigid block resting on an inclined plane with Coulomb friction interface subjected to seismic 
excitation. For the latter, 99 actual accelerograms, many of which bear the effects of near-fault 
forward directivity or fling step, are utilized unscaled. The resulting sliding displacements are 
then correlated with 26 widely used “intensity measures” (or “indices of destructiveness poten-
tial”), such us the peak ground acceleration, the peak ground velocity, peak ground displace-
ment, the Arias intensity, the Housner intensity, the destructiveness potential factor, the accel-
eration spectrum intensity, the specific energy density, and others. The conclusions are drawn 
regarding the performance of each index vis-à-vis the ensemble of sliding displacements, as 
summarized in Table 2. 

For small ratios of AC1, the intensity indices that provide the best correlation with the in-
duced sliding displacement are in descending order: the spectral displacement at period of 2 
seconds (SD/(T=2s)), the destructiveness potential factor (PD), and the peak ground velocity 
(PGV). For large ratios of AC1, best correlations present the Arias intensity (IA), the Housner in-
tensity (IH), and the velocity spectrum intensity (VSI).  
 



 
 
Figure 7. Correlation of slippage, D, with its corresponding spectral displacement at four different peri-
ods, T: for period of 1, 2, 3, and 4 seconds.  

 

 
 
Figure 8. Influence of the dimensionless parameter of characteristic intensity, IC, on slippage, D, at the left 
hand-side and effect of specific energy density, SE, at the right. Observe the poor correlation of the in-
duced slippage with the energy density value of each earthquake event. 



 
 

Figure 9. Slippage, D, as a function of : (a) the cumulative absolute velocity–in the first column from the 
left, (b) the sustained maximum acceleration–in the second column, and (c) the sustained maximum veloc-
ity–in the last column to the left.  
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